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This thesis presents design and experimental investigation on strap braced cold-formed steel 
shear panels and connections. The primary aim is to develop an efficient cold-formed steel 
shear panel system for mid-rise residential buildings in Australia.  A total of seventeen full-
scale shear panels were tested under monotonic pull load to iteratively optimize and improve 
the design. The test results presented in this thesis show that slotted straps made from locally 
available high strength cold-reduced steel sheets can be used to achieve ductile behaviour from 
the shear panels.   
In addition, this thesis investigates the shear pull-out strength of a pneumatic driven nail 
connection between steel sheets that can replace the screws in shear panel for faster installation.  
The tested G300, G450 and G550 specimens had thicknesses ranging from 0.6 to 2.4 mm, 
connected together with 2.5 mm or 3.6 mm helically knurled nails. Based on the test results of 
93 shear nailed connections failing in pull-out, the thesis proposes a design equation that is 
applicable to connections using helically knurled nails between steel sheets thinner than 2.9 
mm. A group effect factor of 0.75 is suggested for serial nail connections based on the test 
results of 19 multiple nail connections. A resistance factor of 0.55 is recommended for use with 
the proposed equation for determining the pull-out strength of shear nailed connections in thin 
steel sheets. 
This thesis also presents the laboratory test results of 120 unconfined bolted connection 
specimens with sheet thicknesses ranging from 0.55 to 3.0 mm, bolted with 10, 12 or 16 mm 
bolts where the plies are not in contact with each other. Finite element analyses support the 
experimental finding that the bearing failure of an unconfined bolted connection is not 
associated with shear fracture, but with crimpling of the critical ply. The bearing capacity varies 
with the square root of the bolt diameter, and nonlinearly with the sheet thickness. 
Dimensionally consistent and continuous design equations are derived, and are verified against 
the results of the laboratory tests and the finite element analyses, the latter supplementing the 
former with configurations involving 8-mm bolts. A resistance factor of 0.70 is recommended 
for use with the proposed design equations for determining the bearing capacities of unconfined 
bolted connections. In addition, a total of 78 such connections subjected to loading-unloading 
and reloading condition having similar sheet thicknesses and bolt diameter were investigated 
and compared to the specimens subjected to monotonic loading. The failure mode of the 
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specimens tested under both loading conditions was bearing of the inner sheet. The test results 
show that ultimate capacities obtained from unloading and reloading tests were, on average, 
lower than those obtained from the monotonic tests. Similar trend was also observed for the 
displacement corresponding to the ultimate loads. However, the effects of sheet thickness and 
bolt diameter were found to be less critical. This study establishes a publicly available database 
of control cases to build the foundation for further study into similar loading regimes. 
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Chapter 1: Introduction 
1.1   Overview  
Cold-formed steel (CFS) framing has been used in North America and Europe since the mid19th 
century, however the use was very limited due to the absence of adequate design guidelines 
and information in building codes. In recent decades, extensive research, technological 
development, computer assisted fabrication technologies have helped CFS to become a popular 
construction material for low and mid-rise construction (Yu, 2016). Although, the use of CFS 
framing technology is widely popular for the construction of low-rise residential houses, the 
demand is growing for mid-rise construction due to the advantages like durability, cost-
effectiveness and steel recyclability. However, the construction methods and structural 
detailing for mid-rise CFS buildings are not as simple as the low-rise one. Hence, the 
construction techniques using CFS framing should be evaluated and updated if necessary for 
mid-rise building constructions. Moreover, this should be done by considering several factors 
like environmental regulations, cost effectiveness, sustainability and above all structural safety.  
In Australia, mid-rise apartment buildings have become one of the biggest contributors in the 
construction industry especially in large cities like Sydney and Melbourne. More than one-
third of the approved residential building projects were apartments in the year 2015 (Shoory, 
2016). In such apartment buildings structural system and detail selection can play a very 
important role in cost optimization and building interior design configuration. Hence, more 
detail study and research on CFS framing can help to establish innovative construction 
techniques and guidelines for mid-rise building construction in Australia. For Australian 
conditions, CFS mid-rise construction can be made more efficient and cost-effective by using 
more rational design procedure. 
At present, USA and Europe are leading the way in the CFS based mid-rise residential building 
sector. As such the state-of-the-art of such buildings predominantly relate to seismic designs. 
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On the other hand, typical mid-rise buildings in Australia’s main cities are controlled by wind 
load instead of seismic loads.  
The lateral load resisting systems and connections are considered the most critical structural 
components of a CFS building frame. The lateral load resisting systems of CFS buildings 
primarily comprises shear panels. These panels can either be steel sheathed or strap braced. 
The present research focuses on strap-braced shear panels as these components are easier to 
install and allows mechanical and electrical services to run through compared to sheathed 
panels. Australian construction industry has significant experience in using strap-braced shear 
panels albeit for low-rise buildings. In addition, this research also focuses on efficient design 
and detailing of structural connections in CFS framing.   
This research project aims to facilitate the use of high strength CFS steels for the structural 
components of light gauge steel shear panels, in particular as strap (tension) braces. It involves 
full-scale experimental tests on CFS strap-braced shear panels and numerical investigations. 
This study also includes experimental investigations on CFS nailed and bolted shear 
connections. 
This research is part of an ARC (Australian Research Council) Research Hub project titled 
“B2.3: Development of New Cold-formed Products and System for Steel Intensive Mid-rise 
Apartments” of “Program B: Market-Focused Product Innovation” within the ARC Research 
Hub for Australian Steel Manufacturing. 
1.2   Context statement 
The use of CFS for mid-rise construction is expected to increase if there are efficient and 
reliable guidelines for the structural design of its critical components like shear panels. Shear 
panels are commonly used as the lateral load resisting system for CFS building frames. Existing 
North American design guidelines for shear panels are suited to cases where seismic 
considerations govern the designs. However, in Australia, seismic loading is relatively 
insignificant, and wind loading is the governing load case for the lateral load resisting system.  
The seismic based shear panel design demands significant ductility from its lateral load bearing 
components. The seismic design also restricts the use of bolted connection between the straps 
and the studs. On the other hand, wind load based designs for Australian conditions do not have 
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such onerous ductility requirements, and allow for a significantly optimized design solution for 
strap-braced shear panels that make use of high strength cold-reduced sheet steels.  
There are very few studies on strap-braced shear panels for Australian condition and most of 
them are designed for very low capacity, which is inadequate for mid-rise buildings where the 
required lateral load resistance can be as high as 25 kN/m. Significant opportunities exist to 
improve and optimize the existing designs for strap-braced shear panels.   
The connections between elements are an important factor in the design of efficient strap-
braced shear panels. It is observed that, significant numbers of screws are required to fabricate 
one shear panel. The effort and time required to install these screws can be reduced significantly 
if power actuated fastener (PAF) is used instead. To investigate this, an experimental 
investigation is conducted on shear capacity of pneumatic driven nails as PAF. In addition, 
bolted connection may present in the structural system where the connected sheets exhibits 
very little to no out-of-plane confinement. It is therefore necessary to accurately determine the 
strength and the stiffness of such bolted connection to optimize the connection details. The 
behavior and performance of such connections should be evaluated based on their observed 
structural responses under different loading conditions. Hence, an experimental test program 
is included in this study to investigate the behavior of unconfined bolted connections.  
1.3   Background study 
1.3.1   Cold-formed steel shear panels 
The structural frame in a CFS intensive construction consists of floors and walls assembled 
using C-shaped studs at close spacing and connected at the ends by U-shaped tracks. In such 
frames, the high in-plane lateral capacity required to withstand seismic or wind actions can be 
achieved by different bracing solutions, such as, wood sheathed, gypsum-based board sheathed 
or steel sheathed shear panels (Sharafi et al. 2018). Another solution, named “strap-braced 
shear panel”, involves using diagonal bracings made of flat steel straps, which are usually 
installed in ‘X’ configuration (Sharafi et al. 2018; Al-Kharat and Rogers 2005, 2006, 2007, 
2008; Moghimi and Ronagh 2009a; Velchev 2008; Comeau et al. 2010; Lee and Foutch 2010; 
Davani et al. 2016; Eom et al. 2015). Diagonal strap braced walls can effectively replace the 
plywood, OSB (oriented strand board), or steel sheet sheathed shear panels, all of which require 
excessive and complex fastener schedules. It also allows different services, such as HVAC 
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(heating, ventilation, and air conditioning), electrical or plumbing, to go through the walls even 
after the completion of the structural frame. Thus, this study focuses on the strap braced shear 
panels for cold-formed intensive mid-rise residential construction. 
In North America, the seismic design of CFS lateral framing systems was previously carried 
out following the provisions in the American Iron and Steel Institute (AISI) S213 Standard for 
“Cold-Formed Steel Framing — Lateral Design” (AISI 2007). Since 2015, this standard has 
been replaced by the AISI S400 “North American Standard for Seismic Design of Cold-Formed 
Steel Structural Systems” (AISI 2015). AISI S400 codifies the design and construction of CFS 
seismic force-resisting systems for USA, Mexico and Canada. The intent of the capacity-based 
design procedure is to ensure that the strap braces act as fuse elements, dissipating seismic 
energy while limiting the wall resistance with a controlled, ductile yielding of the cross section 
along the brace length. All other elements in the seismic force resisting system (SFRS), i.e., 
brace connections, gusset plates, chord studs, track, anchor rods, hold-downs and shear anchors, 
must be designed to have a resistance higher than the forces that are associated with the 
expected yield strength in tension of the strap braces along with any gravity loads that are 
applied in combination with the earthquake loads. In particular, AISI S400 defines the seismic 
design of different lateral resistant CFS systems as shear walls sheathed with wood or gypsum 
panels or with steel sheets, strap-braced walls and special bolted CFS frames. As far as strap 
braced walls are concerned, in general, seismic design can be conducted according to an energy 
dissipative or low energy dissipative approach. In the first case, the yielding of tension steel 
straps is the designated energy-dissipation mechanism and in order to promote it, several 
capacity design requirements are provided. According to the specific Canadian 
recommendations, when strap-braced walls are designed as low-energy dissipative, this method 
of designing is called conventional constructions. The conventional constructions are permitted 
only in medium–low seismic intensity zones. In this case, there is not a defined energy 
dissipation mechanism, and so the capacity design rules are not available. For this design 
approach, a seismic response modification factor R equal to 1.56 (ductility-based factor Rd = 
1.2 and over-strength-based factor Ro = 1.3), according to the Canadian building code NRCC 
(2010) are required. In addition, the aspect ratio (wall height/wall width) for “conventional 
construction” strap-braced walls should not exceed 2:1 and the building height should not 
exceed 15 m. For USA and Mexico, there is no specific low energy dissipative approach for 
strap-braced walls but, according to ASCE/SEI 7 (2010), general provisions for “steel systems 
not specifically detailed for seismic resistance” can be applied. In this case, for medium and 
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low seismic intensity zones, a seismic response modification factor R equal to 3 can be used, 
and the seismic resistant system is exempted from the capacity design requirements. 
In Europe, several studies on the seismic performance evaluation of CFS systems were 
conducted at the University of Naples “Federico II” (Fülöp and Dubina 2004, Dubina 2008, 
Fiorino et al. 2011, 2016a, b; 2019). Dubina (2008), summarized methods to analyse and design 
a variety of CFS framed wall systems, including strap-braced walls. However, these studies 
mainly focused on the development of the seismic design criteria. 
Al-Kharat and Rogers (2007) evaluated the inelastic performance of CFS strap-braced walls 
that were not designed following a strict capacity design philosophy. The authors performed 
nine monotonic and seven cyclic tests on 2.44 × 2.44 m CFS strap braced walls designed with 
three different predicted factored shear capacity. The structural response of the tested walls 
was not governed by the yielding of the straps, rather failure or extensive damage to the tracks, 
chord studs, gusset plates, hold-downs, and straps (net section fracture) was observed. They 
concluded that the walls were not able to withstand at strap yield capacity over extended 
displacements (1.0% inter-storey drift ratio), especially for walls designed with higher strength. 
Fiorino et al. (2016b) performed two monotonic and two cyclic tests on 2.70 × 2.40 m (height 
× length) non-energy dissipating CFS strap braced walls. In all cases, the collapse was 
governed by the net section failure of diagonal straps, corresponding to inter-storey drift ratios 
in the range of 1.0–1.4%. 
In Australia, Gad et al. (1999) showed that the behaviour of domestic unlined steel frames is 
governed by the strap bracing system, while the failure load and mechanism are governed by 
the type of fixity of the strap bracing to the top and bottom plates and the presence of the 
tensioner unit. The failure modes of different strap bracing systems and the main factors 
contributing to the ductile response of the CFS walls were discussed by Moghimi and Ronagh 
(2009b). In general, CFS intensive mid-rise residential buildings in Australia are governed by 
wind loading due to their very low self-weight (Franklin 2019).  
1.3.2   Nail Connections in CFS framing  
Nails (or pins) are used in both structural and non-structural applications in light frame 
construction and are an attractive alternative to screws owing to their faster installation using 
power actuated tools. Design provisions for power actuated fasteners (PAF) are given in 
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Section J5 of the North American CFS structures specification ANSI/AISI S100 (AISI 2016a) 
and Clause 5.5 of the Australian/New Zealand standard AS/NZS 4600 (SA/SNZ 2018). PAF 
typically are comprised of small high-strength steel pins or nails, used in steel or timber 
connections, installed using power actuated tools (Beck & Engelhardt 2002).  
The most common failure mode of shear nailed connections between thin steel sheets is pull-
out, with significant tilting of the nail(s). However, there is little research on nailed connections 
failing in pull-out (Beck et al. 2003), although there has been some research on nailed 
connections failing in other modes (Packer 1996, Baur & Suaris 2003, Lecce & Packer 2003, 
Lu et al. 2013, Crocetti et al. 2016). The PAF design provisions in the current North American 
cold-formed steel specification (AISI 2016a) and Australian/New Zealand standard (SA/SNZ 
2018) are based on the work done by Mujagic et al. (2010), who studied the strength of PAF 
connections failing in various modes. Importantly, the pull-out strength provision is restricted 
to connections where the member not in contact with the fastener head is at least as thick as 2.9 
mm. 
1.3.3   Unconfined Bolted Connections 
The design equations for the bearing strength of CFS bolted connections specified in the North 
American and Australia/New Zealand standards (AISI 2016a; SA/SNZ 2018) are based on the 
test results of sheet to sheet connections where the critical plies were restrained in the out-of-
plane direction by the bolt(s) having been tightened (Yu & Mosby 1981; Wallace et al. 2001a, 
b). In a double-shear bolted connection (Teh & Uz 2014, Cai & Young 2019a), the tightening 
ensures that the bolt head and nut are in contact with the outer sheets, as illustrated in Figure 
1.1, restraining the inner sheet’s ability to bulge or distort out-of-plane.  
Figure 1.1 Confined (tightened) double-shear bolted connection 
It should be noted that the North American Specification for the Design of Cold-formed Steel 
Structural Members (AISI 2016a) proposed different bearing factors based on the level of 
confinement. Also, Yu & Mosby (1981) have indicated that the installation torque can 
influence the bearing capacity of a bolted connection with a large ratio of bolt diameter to sheet 
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thickness. However, the current design methodology does not consider a condition where the 
critical ply is not restrained from crimpling, which may be present in certain applications 
including truss members and frame braces (Yu & Mark 2013, D’Antimo et al. 2017, Latour et 
al. 2018). Figure 1.2 shows two examples of bolted connections where the plies are not 
restrained from crimpling (unconfined). However, very few investigations have been 
conducted on bolted connections failing by crimpling. Section J3(a) of the commentary to AISI 
S100-16 (AISI 2016b) recommends laboratory testing to determine the performance of a bolted 
connection where the plies are not in contact with each other.  
Figure 1.2. Unconfined bolted connections: (a) through channel braces; (b) through a 
rectangular hollow section 
In addition, current design guidelines (AISI 2016a; SA/SNZ 2018; ECS 2006) to determine 
bearing capacity are based on test results of bolted connections subjected to monotonic shear 
loading where critical plies were confined in the out-of-plane directions (Yu & Mosby 1981; 
Wallace et al. 2001a, b). Steel truss members and bracings are often used in steel structures to 
enhance the lateral strengths. During certain events such as wind and seismic loading, it is 
expected that these members will experience loading up to a fraction of its ultimate capacity 
followed by unloading and reloading many times during their entire service life. Hence, 
unconfined bolted connections used to connect these members can also experience this type of 
loading condition. Under such loading, the connection may withstand some residual 





further reduction in the ultimate capacity of such connections. It is evident from Figure 1.3 that 
the absence of confinement allowed crimpling of the connected sheet.  
Figure 1.3 (a) Bulging and crimpling of unconfined connection; (b) bearing in confined 
connection 
Some researchers have studied the behaviour of steel columns (Rahmana et al. 2006, Newell 
& Uang 2008, Lamarchea & Tremblayb 2011) and steel braces (Uriz et al. 2008, Zhao et al. 
2014, Lu et al. 2018) under cyclic loading condition. Furthermore, the effect of tensile loading, 
unloading and reloading on various metals have also been investigated (Li & Akiyama 2014, 
Cullen & Krokolis 2013, Shumana et al. 2007). Cai and Young (2019b) conducted laboratory 
tests on carbon steel and stainless-steel bolted connections to investigate the effect of unloading 
and reloading on connection performance. They referred to this type of loading as cyclic 
loading. They found that for carbon steel connections, cyclic loading can slightly increase the 
connection strength compared to the monotonically loaded specimens, whereas opposite 
behaviour was observed for stainless steel bolted connections. In addition, both carbon steel 
and stainless-steel connections tested under cyclic loading exhibited higher bolt hole elongation 
at ultimate capacity than those obtained from monotonic loading. However, Cai and Young 
(2019b) applied loading-unloading-reloading cycle at a large number of load levels which does 
not facilitate the isolation of the effect of single unloading cycle on the ultimate capacity or the 
overall load displacement behavior. 
It should be noted that, infrequent loadings such as wind or seismic loading does not warrant 
fatigue design. Thus, the loading condition being studied on this thesis is different to the fatigue 
loading detailed in Section 6 of AS/NZS 4600:2018 (SA/SNZ 2018). The loading-unloading-
reloading cycle applied by Cai and Young (2019b) is also distinct from the reversed cyclic 




the asymmetric nature of a bolted connection, conventional reversed cyclic loading protocol is 
not appropriate for determining the deteriorating effect of the loading-unloading-reloading 
cycles being investigated in this study.   
Moreover, even a bolted connection which was initially tightened can self-loosen during 
transportation of assemblies or due to large number of loading unloading cycles over the course 
of its service life. Nassar and Housari (2007) studied the effect of hole clearance and thread fit 
on the self-loosening of tightened threaded fasteners that are subjected to a cyclic transverse 
service load. Such loosening may lead to a disruption in connection performance which is also 
investigated in this study.  
1.4   Aims and Scopes 
The primary aim of this thesis is to develop an efficient CFS shear panel system for the mid-
rise residential building in Australia and associated structural design procedures. This study 
includes efficient shear panel design, strength and stiffness of structural connections.  
In Chapter 2, the lateral load resisting system for mid-rise residential building under wind load 
is studied. In Australian conditions, wind load is more predominant compared with the seismic 
load. The scope of this work is limited to develop a cost effective and efficient lateral load 
resisting system for Australian conditions. The performance of a few diagonal strap-braced 
panel are investigated as a lateral load resisting system which consists of top and bottom tracks, 
vertical chord studs, diagonal strap-braces, framing studs and hold-down fixtures at the corner. 
In this study, all the components are optimized to withstand the wind based lateral load. This 
chapter reports on the results of total 17 shear panel tests under lateral load.  
Chapter 3 presents the results of a series of sheet-to-sheet pneumatic driven nail connection 
under shear load. The failure modes and capacity were then investigated to derive new design 
recommendation for nail connection in thin steel. 
Bearing strength of CFS bolted connections can be influenced by several factors including level 
of confinement and loading conditions. In this thesis the effects of unconfined condition and 
disruption of loading in the double-shear bolted connections performance and behavior were 
investigated. Chapter 4 reports the experimental investigation on the unconfined bolted 
connections where a total of 120 test results is presented. A detail experimental investigation 
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on the behavior of unconfined bolted connection under unloading and reloading is presented in 
Chapter 5. A total of 78 bolted connection test results data is presented with interpretation of 
their behavior when applied loading is disrupted at different stage of loading. Finally, Chapter 
6 provided a general conclusion and outcome of all the experimental and numerical work 
presented in this thesis. 
This study recommend simple structural solutions of CFS strap-brace shear panels and 
connections. The materials used in this study are locally available and designs were primarily 
based on Australian requirements. Simple and accurate design guidelines for such critical 
structural components will enrich the design standards for CFS structure in Australia. This 
study provided information that can be utilized by the industry to maximize the use of CFS in 
mid-rise building construction in Australia.  
For coherence, some of the contents on each chapter has been revised and modified from the 





Chapter 2: Strap Braced Shear Panel 
This chapter is written based on the following article: 
Bhuiyan, R. A., Ahmed, A., and Teh, L. H. (2021). “Light Gauge Shear Panel 
with Slotted Cold-Reduced Sheet Steel Brace”, submitted to Practice Periodical 
on Structural Design and Construction ASCE, 26 March 2021.  
“Some sections of this chapters have been modified from the original article to maintain 
consistency with other chapter and avoid repetition of information. In addition, the test results 
and discussion of the detail experimental program is added in Appendix A at the end of this 
chapter.” 
Abstract 
In low seismic regions where the wind loading governs the structural design, the use of high 
strength cold-reduced sheet steels for tension strap braces is attractive but is hindered by their 
lack of material ductility that causes the braces to fracture without yielding. The present work 
investigates the potential solutions through laboratory tests at the brace component as well as 
the whole shear panel levels. The slot perforated braces with square or rounded slot ends tend 
to fracture at or near a slot end, while those with pointed slot ends avoid fracture there. Finite 
element analyses confirm the experimental findings. The rounded slot end is recommended 
from the fabrication and deformation capacity point of view. The shear panel test results show 
that a normal high strength strap brace would fracture at a screwed end without yielding, while 
the recommended solution can ensure substantial yielding provided the ratio of the net slotted 
section to the gross section is lower than the connection efficiency defined in the present work. 
The shear panel’s deformation capacity can be controlled via the slot length. The desired slot 
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length can be split into multiple slot perforations along the brace to facilitate inline punching 
during fabrication. 
Keywords: cold-formed steel frame, light gauge steel housing, perforated brace, shear panel, 
tension brace, wind bracing 
2.1   Introduction 
The study presented in this chapter is an experimental investigation on strap braced shear panel 
designed to fulfill the requirements of mid-rise residential building in Australia using locally 
available technology and resources. Light gauge cold-formed steel shear panels (walls) relying 
on the yielding resistance of the diagonal tension braces are increasingly being researched and 
used in the residential housing industry (Al-Kharat & Rogers 2007, 2008; Mirzaei et al. 2015; 
Fiorino et al. 2016; Rahman 2016; Usefi et al. 2019). The braces are composed of thin cold-
reduced sheet steels ranging in thickness typically from 1 mm to 2 mm. Experimental tests 
have shown that such shear panels are able to behave in a ductile manner following yielding of 
the strap braces. 
However, the strap braces of the “successful” specimens (Al-Kharat & Rogers 2007, 2008; 
Fiorino et al. 2016) were made of relatively ductile steels having a nominal yield stress below 
250 MPa, some with ratios of tensile strength to yield stress (Fu/Fy) as high as 1.5 or even 
greater. On the other hand, in Australia and Asia Pacific, the use of high-strength cold-reduced 
sheet steels such as G450 steel (SA 2011) is quickly becoming popular in the light gauge steel 
framing industry owing to their high strength-to-weight ratios. The use of these steels for 
diagonal tension braces in shear panels pose a challenge due to their very low Fu/Fy ratio, which 
renders the brace prone to net section fracture at a connected end without gross section yielding. 
With a view to benefitting from the efficiency (relative to lower strength steels) and increasing 
availability of G450 sheet steel, the present work investigates potential solutions to the 
challenge caused by its low Fu/Fy ratio through experimental tests and finite element analyses 
incorporating fracture simulation at the brace component level. It also experimentally compares 
the behaviour of the resulting shear panels with that of the panel using the normal geometry of 
the strap brace. The development of the potential solutions takes into account the relevant 
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conditions prevailing in Australia, where the structural design is governed by wind rather than 
seismic loading. The design lateral capacity can be as high as 25 kN/m. 
2.2   Investigated solutions  
For tension braces with normal geometry, a low Fu/Fy ratio means that the net section tension 
resistance at the screwed or bolted end (which is the product of the net section area and the 
tensile strength Fu) is lower than the gross section yielding resistance (which is the product of 
the gross section area and the yield stress Fy). Therefore, if the steel material is to be used while 
ensuring member yielding at the ultimate limit state, the yielding resistance area of the member 
has to be smaller than the net section area at the screwed or bolted end. One way to reduce the 
yielding resistance area is to use a dog-bone shaped brace, similar to a tension coupon. 
However, industry feedback has indicated that it is an undesirable solution due to potential 
injury and/or damage during handling. 
This study therefore investigate a technique involving the removal of material from the middle 
section of the brace through punching or water jet cutting, resulting in a brace depicted in 
Figure 2.1(a). The existing roll-forming machine can be fitted with an inline punch to create 
the slot perforation. For the purpose of the present work, such a brace is called a slotted brace. 





The slot end can be either square, rounded or pointed, as shown in Figure 2.1(b). The square 
end may be easier to produce especially when water jet cutting is used, but its performance is 
uncertain as fracture tends to initiate at the square corner. The pointed end is included since it 
is the most unlikely location of tension fracture initiation, but is the most difficult to produce. 
Brace specimens with the three different slot ends shown in the figure are tested to compare 
their performance with each other, corroborated with finite element analyses. 
2.3 Slotted brace component tests  
The average measured material properties of the 1.5 mm G450 sheet steel used for the strap 
brace components tested in the present work is shown in Table 2.1, being the yield stress Fy, 
tensile strength Fu, elongations at fracture over 15mm (ε15), 25mm (ε25), 50mm (ε50) and 
uniform elongation outside fracture (εuo), obtained from two 12.5 mm wide tension coupon 
tests. The loading direction was the same as the rolling direction of the sheet steel. It can be 
seen that the measured Fu/Fy ratio is quite low, as are the elongations at fracture.  















530 550 1.04 13.5 11.0 9.2 7.4 
It should be noted that whether the measured properties satisfy the ductility requirements of 
Section A3.1.1 of AISI S100-16 (AISI 2016a) is irrelevant to the present work. If anything, the 
tested material represented a very stringent check of the investigated solutions. 
Slotted brace specimens with the geometry shown in Table 2.2 were fabricated and tested in 
tension at a stroke rate of 2 mm per minute. The variables Ls and Lp are defined in Figure 2.1(a). 
An empty cell in the table indicates that the entry in the above cell applies, i.e. there is no 
change in the variable.  All specimens had a gross width w = 85 mm and a slot width ws = 12.8 
mm. The ends of each specimen were gripped by the hydraulic jaws of the Instron testing 
machine at a distance of 800 mm. 
18 
 
Table 2.2: Specimens of slotted brace component tests 
 Specimen Slot end type Ls (mm) 
A4-1 Circular 200 
A4-2 - - 
A5-1 - 400 
A5-2 - - 
A7-1 Square  - 
A7-2 - - 
A8-1 Pointed (a/ws = 2.5) - 
A8-2 - - 
A6-1 Circular 600 
A6-2 - - 
Figure 2.2 shows that, while all the brace component specimens exhibited substantial yielding 
plateau, there were large differences in their deformation capacity that depended on the slot 
length. The specimens with the shortest slot length, A4-1 and A4-2, naturally had the least 
ductility, while those with the longest slot length, A6-1 and A6-2, were the most ductile.  
Figure 2.2 Relative performance of different slot end shapes 
Among the 400-mm long specimens, the rounded slot end (Specimen A5-2) was associated 
with the greatest deformation capacity, while the square slot end (Specimen A7-1) with the 
least. All the 400-mm specimens with rounded or square slot ends fractured at or close to a slot 
end (except for Specimen A5-2) as shown in Figures 2.3(a) and 2.3(b), while the specimens 

























Figure 2.3 Fractures of slotted brace components: (a) A5-1; (b) A7-1; (c) A8-1 
It may appear from Figure 2.2 that the pointed slot end specimens (A8-1 and A8-2) were not 
as ductile as those with rounded ends (A5-1 and A5-2), which would be inconsistent with the 
results of the laboratory tests and finite element analyses shown in Figure 2.3. However, the 
parallel length Lp of the pointed end slot specimens was about 15% shorter than those of the 
rounded end slot specimens, as the total lengths Ls of the slot were the same (400 mm). The 






Based on the brace component test results and the relative ease in punching rounded slot ends, 
the rounded slot end is recommended and used in the shear panel tests discussed in the next 
section. 
2.4 Shear panel tests  
The general configuration details of the tested shear panels are shown in Figure 2.4(a). The 
strap braces were found on both sides of the panel, as evident from Figure 2.4(b). Only one 
half of the cross diagonal (X) strap braces were installed as they were intended to be “tension 
only” braces, and were loaded accordingly as indicated in Figure 2.4(a), at a stroke rate of 2 
mm/minute.  
Figure 2.4 Tested shear panel: (a) General geometry;  (b) Specimen B3 
Five configurations of the strap braces, shown in Table 2.3, were investigated. All the braces 
had a single slot length Ls = 1200 mm. 
The variable cf in the last column of Table 2.3 is the connection efficiency of the tension brace 
at its ends, each of which is connected with staggered screws as evident in Figure 2.4(b). In 




end ruptures, the ratio of the net (slotted) section to the gross section, shown in the fifth column 
of the table ((w - ws)/w), must be smaller than the connection efficiency cf. 
Table 2.3: Configurations of diagonal tension braces 
Specimen Slot perforated? w (mm) ws (mm) (w - ws)/w cf  
B1 N 130 0 1.00 0.88 
B2 Y 150 12 0.92 0.96 
B3 Y - 16 0.88 0.96 
B4 Y 110 11 0.90 0.94 
B5 Y - 16.5 0.85 0.94 
The connection efficiency cf is the ratio of the effective net section to the gross section at the 
connection. For the configurations shown in Figure 2.5(a) and 2.5(b), the connection efficiency 


























in which nh is the number of holes in the relevant net section (equal to 3 in Figure 2.5a, and 7 
in Figure 2.5b), and ng is the number of staggers (equal to 2 in Figure 2.5a and 6 in Figure 2.5b). 
The variables dh, s and g are defined in Figure 2.5(a). As a note, it can be seen from Figure 
2.5(b) that, for the connection shown, the staggered section governs the second term of the 
numerator.  
Figure 2.5 Screwed connections: (a) Geometrical variables; (b) Staggered net section fracture 
(Specimen B1); (c) Unstaggered net section fracture (Specimen B4) 
(a) (b) (c) 
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It is obvious from Table 2.3 that Specimen B1, which had normal solid braces, would fracture 
at a screwed end, as shown in Figure 2.5(b). In fact, there was no yielding plateau, as evident 
from Figure 2.6.  
Specimen B4, which had a ratio of the net (slotted) section to the gross section equal to 0.90, 
did not exhibit yielding plateau either as it also fractured at a connected end, as shown in Figure 
2.5(c). As given in Table 2.3, its ratio of the net (slotted) section to the gross section was 
actually smaller than the connection efficiency cf of 0.94. However, the chord stud of the shear 
panel underwent local buckling, causing uneven load sharing between the pair of diagonal 
braces. 
Figure 2.6 Load-deflection graphs of tested shear panels 
Specimens B2, B3 and B5 exhibited yielding plateau as shown in Figure 2.6, which is desirable 
even when the structural design is governed by wind rather than seismic loading. The greatest 
ductility was exhibited by Specimen B2, which fractured close to a slot end as shown in Figure 
2.7. The reduced section along the slot of each brace had undergone substantial yielding prior 
to the brace fracture. It should be noted that, according to Clause 3.2.2 of AS 4600 (SA/SNZ 
136 2018), the ultimate resistance of the brace cannot be greater than the yielding load. 
Specimens B3 and B5 also fractured in the brace in the same manner as Specimen B2. However, 
the bottom gusset plate of Specimen B5 to which its braces were screwed also fractured 
prematurely. In any case, Figure 2.6 shows that Specimen B5 performed better than Specimen 



























Figure 2.7 Fracture of a slotted brace in Specimen B2 
2.5 Finite element analyses and multiple slots 
As previously found from the slotted brace component tests, the rounded and square slot ends 
tended to fracture near or at the slot end, while the pointed slot end avoided fracture near or at 
itself. The test results shown in Figure 2.3 have been corroborated by finite element analyses 
using C3D8R solid elements (ABAQUS 2018), with the stiffness degradation contours shown 
next to the respective photographs. It can be seen from the contours that damage is concentrated 
near the round slot end, at the corners of the square slot end, and away from the pointed slot 
end. 
Figure 2.8 Comparison between single and multiple slot braces with rounded ends 
All the braces tested in the present work had a single slot perforation. However, it may be more 
practicable to punch multiple slot perforations along the brace to obtain the desired total slot 
length of, say, 1500 mm. Instead of a single slot of 1500 mm, six 250-mm slots may be used.  


















1500-mm Slot (FE simulation)
6 x 250-mm slots (FE simulation)
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six 250-mm slot. It can be seen that there is insignificant difference in their deformation 
capacity.  
2.6 Concluding remarks 
The study presented in this chapter found that the normal strap braces composed of high 
strength cold-reduced sheet steel are prone to net section tension fracture at a connected end 
prior to member yielding, which is undesirable. This problem can be solved by punching the 
strap with slot perforations. The ability of the brace to exhibit yielding plateau depends on the 
ratio of the net (slotted) section to the gross section, which must be smaller than the connection 
efficiency at the connected ends. 
Based on the experimental results, it expected that the pointed end of the slot perforation is the 
most unlikely location of tension fracture initiation, with the rounded one being the next. 
However, in terms of deformation capacity of the tension brace, there is no advantage in using 
the pointed over the rounded slot end. The rounded slot end is the most readily punched during 
fabrication, and resulted in the most ductile braces for a given total slot length. The rounded 
slot end is therefore recommended over the pointed and the square slot ends. 
For a given shape of the slot end, the brace deformation capacity can be controlled via the slot 
length. The present test results have shown that the slot length has a direct effect on the 
deformation capacity of the tension brace (and therefore the shear panel).  
The desired slot length can be split into multiple slot perforations along the brace to facilitate 
inline punching during fabrication. For a given total slot length with rounded ends, there is 




Experimental Investigation on Strap Braced Shear Panel 
A.1 Test specimens 
The details of the tested shear panels are given in Tables A.1 and A.2. The dimensions of the 
tested walls were 2.72 m × 3.1 m expect the Wall#1 which was 3.3 m × 3.1 m in size. For high 
strength-low ductility walls presented in Table A.1, G450 grade 1.6 mm and 1.5 mm thick steel 
sheet straps were used except for Wall#6 which was design to make sure failure occurred in 
end post. Single sided straps were used for Wall#1 and Wall#2, and Wall#1 being the only 
cross braced wall tested in this experimental investigation. Single strap was installed diagonally 
in each side of the walls in a way that one side of the strap is connected with the corner where 
the actuator’s loading arm is connected. Based on slotted strap test program presented in this 
chapter, 1200 mm long circular end slotted straps having slot width of 12 mm for Wall#7, 11 
mm for Wall#8, 16.5 mm for Wall#9, and 16 mm for Wall#11(a, b) were used.  
Table A.1: High strength-low ductility strap braced shear panels 








Wall#1 3.3 m × 3.1 m 100 Back to back studs L-shape N/A 
Wall#2 2.7 m × 3.1 m - - - Single side 
Wall#3 - 55 - U-shape Double side 
Wall#4 - 130 3.5 mm thick square hollow - - 
Wall#5 - 75 Back to back studs - - 
Wall#6 - 178 - - - 
Wall#7 - 138 3.5 mm thick square hollow - - 
Wall#8 - 99 2 mm thick square hollow - - 
Wall#9 - 93.5 3.5 mm thick square hollow - - 
Wall#10a - 134 - - - 
Wall#10b - - - - - 
Back-to-back C-stud end posts were composed of two 1.2 mm thick G500 studs which were 
connected with screws except the Wall#1. The 89 mm square hollow sections (SHS) were 3.5 
mm thick except for Wall#8 where the thickness was 2 mm. All the gusset plates were 
fabricated with 3 mm G450 sheet steel except for the Wall#6 which was fabricated with 1.9 
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mm G450 sheet steel. Top hat shaped 0.42 mm thick aluminum battens were used as resilient 
channels.  
There were 6 wall specimens designed as low strength-high ductility panels and fabricated with 
2 mm thick G300 sheet steel double sided straps presented in Table A.2.  
Table A.2: High strength-high ductility strap braced shear panels 








Wall#11a 2.7 m × 3.1 m 124 3.5 mm thick square hollow L-shape Double side 
Wall#11b - - - - - 
Wall#12a - 150 - - - 
Wall#12b - - -  - - 
Wall#13a - 75 Back to back C studs - N/A 
Wall#13b - - - - N/A 
A.2 Test setup 
All wall components were fabricated using EnduroFrame machine and assembled at the 
Structural Engineering Laboratory at the University of Wollongong. Prior to wall assembly the 
studs were first connected with screws, and gusset plates were then attached to the end-post. 
The tracks were drilled so that the holes matched the existing bolt holes of the loading plate at 
the top, and base plate at the bottom strong floor. The studs and tracks were then assembled. 
The straps were connected to the gusset plates with screws by maintaining equal diagonals to 
avoid slack in the straps. Out of plane restraint was provided by a U-shaped bar which 
nominally touched the shear panels from both sides and was connected to a nearby strong frame.  
Tests on these seventeen strap-braced walls were performed in the testing facility at University 
of Wollongong on a test frame built specifically for the lateral loading of CFS framed walls. 
The test frame is shown in Figure A.1.  
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Figure A.1 Schematic of strap braced wall specimen in test frame 
A.3 Test procedure 
All the wall specimens were tested under monotonic tension load at a constant displacement 
rate of 2 mm/min. Once the wall had been installed in the test rig, the applied force to the wall 
was reduced to zero by making slight adjustments to the position of the actuator. Loading plate 
connected to the wall then attached with actuator head while actuator is in full stroke. Actuator 
stroke was then reduced by displacement control method which created a pull load on the top 
of the wall. The specimens were tested to failure or until the full travel of the actuator (approx. 
180 mm) was reached. Predefined loading unloading cycles were applied on a few wall 
specimens together with the monotonic tension loading where similar loading rate was applied. 
These variations in loading were included to investigate the effect of disruption in continuous 
loading condition.  
Two linear variable differential transducers (LVDT) were used to measure the vertical uplift 
and one was used to measure the lateral sway to verify the readings obtained from the actuator. 
A 50000 LBS load cell was attached with the actuator head which provided the load value. 
Exact locations of these measurement devices are shown in Figure A.1. 
The presented displacement data are measured by the horizontal LVDT and further adjusted 
for the horizontal component of the uplift measured by the vertical LVDTs at the base of the 
shear panel. 
A.4 Test result and discussion 
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A4.1 Mode of Failure 
The observed failure modes of tested wall are listed in Table A.3 and A.4. Table A.3 lists the 
high strength-low ductility shear panels comprised of G450 straps. Slots were added to the 
straps to induce ductile behaviour. 
Table A.3: High strength-low ductility strap braced shear panels 

















FTB at the top of the 
end-post 
15.7 11.0 4.95 0.98 2.24 2.69 
Wall#2 - 16.8 14.6 6.58 1.38 0.99 1.11 
Wall#3 
Net section fracture 
of the strap at the 
screw connection 
17.6 20.3 9.12 1.73 1.24 1.34 
Wall#4 
Staggered net section 
fracture of the strap 
44.4 48.4 21.78 3.40 1.73 1.58 
Wall#5 
Net section fracture 
of the strap at the 
screw connection 




40.8 31.1 13.99 2.96 1.08 1.33 
Wall#7 
Fracture of the 
slotted strap 




35.6 40.7 18.30 3.92 0.99 1.13 
Wall#9 
Fracture of the 
slotted strap 
33.7 37.1 16.70 3.76 1.01 1.12 
Wall#10a Gusset plate fracture 48.2 40.9 18.39 4.00 1.99 2.33 
Wall#10b 
Fracture of the 
slotted strap 
48.6 50.5 22.73 3.96 1.99 1.66 
FTB: Flexural torsional buckling 
In general strap braced share panels are designed to have gross section yielding in the strap to 
achieve the ductile behaviour.  It is expected that the walls will be able to keep the yield 
capacity of the straps during its lateral sway until it reaches its capacity for fracture at the straps 
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or any other component such as connections, tracks, studs or end post. However, this behaviour 
is highly dependent on the Fu/Fy ratio of the strap materials.  In a typical shear panel where 
straps were connected directly to the end-post and tracks, it is expected that tracks will suffer 
from compression failure or bearing failure of the track at the hold-down anchor rod location. 
In this specific test setup, tracks were not loaded as the load was transferred to the corner anchor 
via gusset plates and loading plates. It can be seen from Table A.3, the failure of the test 
specimens with high strength-low ductility straps were governed by either end post buckling 
or net section fracture under monotonic loading. Most of these walls were failed immediately 
after reaching the peak load except a few specimens with slotted straps.  
Table A.4: Low strength-high ductility strap braced shear panels 

















Gross section yielding, 
actuator's displacement 
capacity reached 
38.7 38.7 17.42 4.21 3.95 4.66 
Wall#11b - 38.7 40.0 17.99 4.18 3.96 4.58 
Wall#12a - 46.8 50.5 22.74 3.99 4.78 4.37 
Wall#12b - 46.8 47.9 21.54 5.66 3.58 4.71 
Wall#13a - 22.9 23.2 10.45 3.16 2.91 4.30 
Wall#13b - 22.9 22.7 10.19 3.12 3.65 5.52 
On the other hand, performance of low strength-high ductility strap braced shear panels 
presented in Table A.4 was governed by yielding of 2 mm G300 straps and tests were limited 
by the maximum stroke limit of the actuator. It should be noted that, the resistance of the walls 
did not reduce after reaching its yield capacity.  
The failure mode of the Wall#1 and Wall#2 were governed by the flexural torsional buckling 
of the end-post. As only one-sided straps were used, the end post was loaded eccentrically 
causing the buckling failure at lower than the expected capacity. Figure A.2(a) shows the end 
post buckling of the tested specimens. 
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         Figure A.2 Failure modes: (a) end post; (b) net-section fracture 
The net section fracture at the screw connection shown in Figure A.2(b) was the failure mode 
for Wall#3, Wall#4 and Wall#5. This failure mode was observed because of G450 materials 
having a very low value of Fu/Fy. In addition, Wall#4 exhibits staggered net section fracture of 
the strap which indicate the screw pattern and spacing is also an important factor while using 
a low ductility strap material.  
The failure mode for Wall#6 and Wall#8 are also the buckling of end-post where Wall#6 shows 
distortion buckling due to the compression. However, Wall#8 shows net section fracture where 
end-post shows significant buckling deformation. It was identified that, welding the gusset 
plate with the 2 mm thick square hollow section may weaken the end post, hence local buckling 















































Figure A.3 Fracture: (a) wall 9 (strap); (b) wall 10a (gusset plate) 
The failure at the slotted strap by tension fracture shown in Figure A.3(a) was observed in 
Wall#7, Wall#9 and Wall#10b. These walls exhibit significant sway at the strap yield capacity 
before they reach to the failure load due to fracture. It should be noted that Wall#10a which is 
identical to Wall#10b failed due to fracture at the gusset plate shown in Figure A.3(b). It was 
found that, very sharp bending radius was used to bend this gusset plate which results 
significant reduction in plate thickness along the bending line. The failure mode for all the 
remaining walls fabricated with G300 steel sheet straps are identical where the sway reach to 
the actuator limit of lateral movement. During this sway, all the walls hit the strap yield capacity 
which indicate the ductile behaviour of the walls. Figure A.4(a) shows the stretched straps after 














































Figure A.4 Strap yielding: (a) yielding up to actuator stroke limit; (b) yielding up to end post 
buckling 
A4.2 Measured and predicted capacity 
This section compares the nominal, expected and tested capacity of the shear panels. The 
predicted maximum lateral resistance by each strap braced shear panels were calculated based 
on the corresponding maximum capacity of the strap brace under tension. The nominal capacity 
represents when nominal materials properties for straps were used whereas expected capacity 
was calculated using measured material properties. It should be noted that only strap failure 
was considered to determine the expected wall capacity ignoring the remaining structural 
components. On the other hand, maximum lateral load resisting capacity reached by each shear 
panels during the test regardless of the failure mode was defined as the tested capacity. 























































=   (A.2) 
Where N* is the strap tensile capacity, lcc is the centre-to-centre distance between end posts, l 
is the overall length of the wall, h is the height of the wall and P is the peak load obtained from 
the load-displacement curve of each tested shear panels.  
Shear wall #1, 2, 10a have significantly smaller tested capacity then the expected capacity 
based on strap capacity. For shear walls 1 and 2, the capacities were controlled by the failure 
of the end-posts thus the strap brace based expected capacity was not exceeded. Shear wall 
#10a experienced an unexpected failure as the U shaped gusset plates were bent too sharply 
and it fractured at the base of the end-post under tension. 
Shear wall #11a and 13b has very small variation in tested capacity when compared to the 
expected capacity and this can be attributed to the slight variations in material properties and 
dimensions, especially the width of the straps. The ratio of tested to expected capacity is within 
10% for most shear panels. Only shear panel #5 shows the ratio to be 1.2. 
The maximum resistance level reached by each braced wall regardless of the failure mode was 
defined as the measured lateral yield strength, Sy. Note that this definition of Sy excludes any 
increase in resistance measured due to strain hardening. The measured initial elastic shear 
stiffness, µ, was defined as the secant stiffness from the zero load-level to the 40% of ultimate 
limit level as S0.4, as recommended in ASTM-E2126 (ASTM 2005).  
A line is drawn through the origin with the initial slope defined as the Ks at 0.4 the ultimate 
capacity. Ultimate line is drawn to match the final slope and goes through the ultimate capacity 
point. The intersection of these two lines provide the theoretical yield point. The displacement 







   (A.3)  
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The over-strength-related force modification factor Ro can be evaluated through the 
formulation provided by Newmark and Hall (1982). Considering that the fundamental periods 
for this structural typology is generally ranging between 0.1 and 0.5s, the ductility-related force 
modification factor R can be evaluated as follows: 
2 1R = −      Intermediate period 0.2 < T < 0.5 seconds 
R =      Long period T > 0.5 seconds 
For both these scenarios significant gain in seismic capacity can be achieved by ensuring higher 
ductility μ. 





 =   
Where H  refers to the height of the corresponding shear panel. The drift ratio R  is compared 
against the following limits of inter storey-drift 1.5%, 2% and 7%. Shear wall #1, 2, 3, 5, 6, 
they all have end-posts made from back to back studs. Design capacity ranges from 4.95 kN/m 
to 13.99 kN/m. Design stiffness from 0.98 kN/mm to 2.96 kN/mm. Design stiffness increases 
with design capacity; however, it does not increase proportionately. It is also significantly 
smaller than the horizontal component of the axial stiffness of the strap braces. The ductility 
ranges from 1.11 to 2.69, response modification factor from 1.11 to 2.09. Interestingly, Wall 
#1 has the largest ductility in this set of shear panels, although being the least capacity shear 
panel. Drift ratio is higher for shear wall #1 at 2.24%. Wall#2 has the smallest drift ratio of 
0.99.  
Shear wall #4, 7, 8, 9, 10a and 10b, they all have end-posts made from 3.5 mm thick SHS. Only 
Shear wall #8 has 2.0 mm thick SHS section. Design capacity ranges from 16.72 kN/m to 25.31 
kN/m. Design stiffness from 3.76 kN/mm to 4.22 kN/mm. Design stiffness increases with 
design capacity; however, again it does not increase proportionately. The ductility ranges from 
1.12 to 2.41, response modification factor from 1.11 to 1.96. Drift ratio is higher for shear wall 
#7 at 2.96%. Wall #8 has the smallest drift ratio of 0.99. 
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Shear wall #11a, 11b, 12a, 12b, 13a and 13b, they all have end-posts made from 3.5 mm thick 
SHS section. Only Shear wall #13a and #13b have back-to-back C studs as end-posts. Main 
similarity among these walls is that all of their straps are made from 2 mm thick G300 straps. 
Design capacity ranges from 10.19 kN/m to 22.74 kN/m. Design stiffness from 3.12 kN/mm 
to 5.66 kN/mm. In general, design stiffness increases with design capacity; however, the trend 
was reversed between shear panels #12a and #12b. The difference maybe contributed to the 
adjustment of initial slacks. Also, the stiffness does not increase proportionately to the strength. 
It is also significantly smaller than the horizontal component of the axial stiffness of the strap 
braces. The ductility ranges from 4.30 to 5.52, response modification factor from 2.76 to 3.17. 
Wall #13b has the largest ductility in this set of shear panels, although for these shear panels’ 
ductility represents minimum ductility except for wall #13b as the tests were terminated due to 
actuator’s displacement capacity. Drift ratio is the highest for shear wall #12a at 4.78%. Wall 
#13a has the smallest drift ratio in this set at 2.91. 
The inter story drift limits of 1.5% and 2% are those provided by FEMA356 (ASCE 2000) for 
traditional concentrically braced structures at the Life Safety and Collapse Prevention limit 
states, respectively. On the other hand, the limit of 7% is the maximum displacement capacity 
obtained by shaking table tests (Isoda et al. 2007) on wooden shear walls, which represent a 
similar lateral load bearing system. As the tests were limited by the movement capacity of the 
actuator, this limit was not achieved. However, verified FE analysis can be used to check 
against this drift ratio limit. 
The load-displacement behaviour of the strap braced shear panels did not demonstrate any 
significant strain hardening, which was quite evident for G300 material, whereas shear panels 
with slotted G450 straps did demonstrate some post yield capacity increase due to strain 
hardening. This is due to the fact that the G300 straps without any slots act as large-scale 
coupon specimens and does not experience any strain hardening up to almost 4% strain. On the 
other-hand, slotted G450 straps demonstrate significant elongation which may provide the 





Chapter 3: Shear Nailed Connections 
This chapter is written based on the following article: 
Bhuiyan, R. A., Teh, L. H., and Ahmed, A. (2021). “Strength of Shear Nailed 
Connections in Thin Steel Sheets.” Journal of Structural Engineering, 147 (5), 
04021038. 
“Some sections of this chapter have been modified from the original article to maintain 
consistency with other chapters and avoid repetition of information”.  
Abstract 
This study investigates the potential applicability of the specification equation for the shear 
pull-out strength of a power actuated fastener (PAF) connection to nail connections between 
steel sheets thinner than 2.9 mm. The tested G300, G450 and G550 specimens had thicknesses 
ranging from 0.6 to 2.4 mm, connected together with 2.5 mm or 3.6 mm helically knurled nails. 
This study points out that the pull-out strength is not only a function of the thickness of the 
member not in contact with the fastener head, but also a function of the other member’s 
thickness. It also points out that the member thicknesses have greater influence than the nail 
diameter does on the pull-out strength, in contrast to the design equation. Based on the test 
results of 93 shear nailed connections failing in pull-out, this study proposes a design equation 
that is applicable to connections using helically knurled nails between steel sheets thinner than 
2.9 mm. A group effect factor of 0.75 is suggested for serial nail connections based on the test 
results of 19 multiple nail connections. A resistance factor of 0.55 is recommended for use with 
the proposed equation for determining the pull-out strength of shear nailed connections in thin 
steel sheets. An additional finding is that the current design equation for the “bearing and tilting” 
strength of a PAF connection is applicable to connections where the member not in contact 
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with the fastener head is much thinner than the specification minimum of 3.2 mm, and where 
the fastener diameter is smaller than the specification minimum of 3.7 mm. 
Keywords: nailed connection, shear strength, cold-formed steel, bearing strength, pull-out 
strength, power actuated fastener 
3.1   Introduction 
The study presented in this chapter has three objectives. First, to create a database of 
experimental results concerning shear nailed connections between thin steel sheets. In 
particular, it focuses on nailed connections failing in pull-out. Second, to investigate the 
potential applicability of the current pull-out strength provision for PAF connections (AISI 
2016a, SA/SNZ 2018) between thin steel sheets. Third, to derive a design equation for 
determining the pull-out strength of shear connections between steel sheets thinner than 2.9 
mm using helically knurled nails.  
One hundred and thirty five specimens composed of G300, G450 and G550 sheet steels (SA 
2011) having nominal thicknesses ranging from 0.6 mm to 2.4 mm, connected together with 
nominally 2.5 mm or 3.6 mm helically knurled nails, were tested to fail in pull-out. One 
hundred and eight pull-out specimens were single nail connections, with the rest being either 
two-nail or three-nail serial connections to investigate any potential group effects. A further 
thirty specimens were tested to fail in bearing. 
The pull-out failure mode of shear nailed connections between thin steel sheets, studied in the 
present work, is distinct from the “direct pullout” or “withdrawal” limit state investigated by 
Serrette & Nolan (2015) and Serrette et al. (2018). 
3.2   Strength equations for power actuated fasteners 
Section J5.3.3 of the North American Specification for the Design of Cold-Formed Steel 
Structural Members 2016 (AISI 2016a) specifies the pull-out strength of a PAF in shear to be  
( )
1





d t F E
P =  (3.1) 
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in which d is the average embedded fastener diameter, t2 is the thickness of the member not in 
contact with the fastener head (see Figure 3.1 – bottom member), Fy2 is the yield stress of the 
member, and E is the elastic modulus of steel. Equation (3.1) is restricted to connections where 
the thickness of the member not in contact with the fastener head is between 2.9 mm and 19.1 
mm, and where the nail shank diameter is between 2.7 mm and 5.2 mm. 
Figure 3.1 Geometric variables of a single nail connection. 
It is evident that Eq. (3.1) ignores the thickness of the member in contact with the fastener head 
(the top member in Figure 3.1). However, as nail tilting is involved in a pull-out failure under 
shear, the thickness of the member will likely affect the pull-out strength, based on the 
exposition of Teh & Uz (2017) regarding the tilt bearing strength of a bolted connection. Figure 
3.2 illustrates how the thickness of the member (i.e., its bending stiffness) in contact with the 
fastener head may affect the pull-out strength. It is also noted that Eq. (3.1) ignores material 
strain hardening of the member not in contact with the fastener head, which most likely affects 
the pull-out resistance.  
Figure 3.2 How the bending stiffness of the top member affects the pull-out strength. 
Intuitively, it is highly unlikely that the pull-out strength Pnos varies almost quadratically with 
the embedded shank diameter d (with an exponent of 1.8), as the embedment perimeter is 
linearly proportional to the diameter. The pull-out strength, which depends on the friction 
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between the nail and the surrounding material, does not actually vary with the nail’s cross-
section area, but with the contact area between the nail shank and the bottom member. It is thus 
also expected that the pull-out strength would be more dependent on the embedment thickness 
t2 than indicated by Eq. (3.1). 




nos 2 1 2
a b c
sp uP C d t t F E=   (3.2) 
in which Csp is a coefficient to be determined from the present experimental results, as are the 
exponents a, b and c. The variable t1 is the thickness of the top member (see Figure 3.1), and 
Fu2 is the material tensile strength of the bottom member. 
The exponents a and b are the “primary” terms, and their values dictate that of exponent c since 
their sum must be equal to 2 for dimensional consistency: 
( )2c a b= − +  (3.3) 
Strictly speaking, the nail pull-out strength under shear is likely to be affected by the width of 
the top member, or the nail spacing in the direction perpendicular to the load. As can be inferred 
from Figure 3.2, the wider the top member (the greater its bending stiffness), the stronger the 
pull-out resistance should be. However, based on the finding of Teh & Uz (2017) regarding the 
effect of the member width on the tilt bearing strength of a bolted connection, and the number 
of variables already in Eq. (3.2), it has been decided to neglect the width effect for practical 
purposes. 
According to the design specification, another strength limit state that a shear PAF connection 
in steel is subject to is “bearing and tilting”. Section J5.3.2 of ANSI/AISI S100 (AISI 2016a) 
specifies the bearing and tilting strength of a PAF in shear to be  
1 1nb b uP t d F=  (3.4) 
in which the bearing coefficient αb is equal to 3.2 for the type of fastener used in the present 
work, and Fu1 is the material tensile strength of the member in contact with the fastener head. 
Equation (3.4) is restricted to connections where the thickness t2 of the member not in contact 
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with the fastener head is at least 3.2 mm, and at least twice that of the other member (t1). The 
equation is also restricted to connections with fastener diameters between 3.7 mm and 4.5 mm. 
For comparison purposes, the “tilting and bearing” strength of a screw connection in shear 
given by Section J4.3.1 of of ANSI/AISI S100 (AISI 2016a) is also considered in the present 
work 
3 1/2
2 2 1 1 2 2min[4.2 ( ) , 2.7 , 2.7 ]nv u u uP t d F t d F t d F=  (3.5) 
3.3   Experimental Program  
3.3.1   Test materials 
Figure 3.3 shows the helically knurled nails used in the present experimental program, supplied 
by Structnail® with the product codes 2359NG and 5454PG for the 2.5 mm and 3.6 mm nails, 
respectively. They are made of pre-hardened 1060 carbon steel, but their material properties 
are not relevant to the pull-out strength of the nailed connections under shear. 
Figure 3.3 Nails used primarily in the present tests: (a) Typical details; (b) 2.5 mm; (c) 3.6 
mm. 
Three structural grades of cold-reduced sheet steels were used in the present experimental 
program, namely G300, G450 and G550 (SA 2011), with thicknesses ranging from 0.6 to 2.4 
mm. Their average yield stresses Fy, tensile strengths Fu and elongations at fracture over certain 
gauge lengths in the rolling direction obtained from tension coupons are provided in Table 3.1. 
(a) (c) (b) 
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The variables ε15, ε25, ε50 are elongations at fracture over 15 mm, 25 mm, and 50 mm gauge 
lengths, respectively, and εuo is the uniform elongation outside fracture. The variable tbase 
denotes the base metal thickness without the coating. Each value was obtained as the average 
of three coupons.  





















0.6 0.58 385 440 1.14 33.3 25.3 23.1 18.8 
0.8 0.78 340 380 1.12 40.1 36.7 29.3 22.7 
1.0 0.97 340 385 1.13 52.9 44.2 36.6 28.5 
G450 
1.5 1.48 555 590 1.06 21.5 16.3 12.0 6.9 
1.9 1.82 540 585 1.08 26.3 22.3 12.1 8.4 
2.4 2.36 535 580 1.08 31.0 23.8 16.3 8.9 
G550 
0.6 0.59 650 665 1.02 5.2 6.4 2.3 0.7 
0.75 0.74 650 665 1.02 7.8 7.4 3.1 1.1 
1.0 0.99 595 610 1.03 17.4 12.3 10.1 6.7 
Tensile loadings of all coupons and nail connection specimens are in the rolling direction of 
the sheet steel, as required for structural grade sheet steels (SA 2011). The tension coupon tests 
were conducted at a constant stroke rate of 1 mm/minute resulting in a strain rate of about 
4102 −
 
per second prior to necking. 
3.3.2   Specimen configurations and test set-up 
Most specimens were single nail connections as depicted in Figure 3.1, with the remaining 
being two or three nail (serial) connections. The width W of each member was 25 mm, and the 
end distance e of each nail in the loading direction was at least 15 mm. An example is shown 
in Figure 3.4. Shim plates were only used for members thicker than 1 mm. 
Figure 3.4 A sample specimen tested in the present work. 
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Max PowerLite® Compressor and Pinner tools (Plainview, New York) were used to make the 
nailed connections. The installation pressures applied by the pneumatic gun are given in Table 
3.2. In general, for a given penetration thickness, G550 steel sheets required higher installation 
pressure than G300 steel sheets.  
Table 3.2 Pneumatic pressures used to install nails 
Thickness, t (t1 + t2) mm 1.0 ≤ t ≤ 1.5 1.5 < t ≤ 2.0 2.0 < t ≤ 3.0 3.0 < t ≤ 5.0 
Pressure, psi 60 to 65 70 to 90 80 to 100 > 110 
A 20-kN universal testing machine (UTM) was used to test the nail connection specimens in 
shear to failure, at a stroke rate of 2 mm per minute. A camera-based deflection measuring 
device was used to verify the displacement data taken from the UTM. Figure 3.5 shows the 
experimental setup.  
Figure 3.5 Experimental setup. 
3.4   Test results of single nail connections  
Most specimens failed by pull-out of the nail(s), which invariably tilted as shown in Figure 
3.6(a). The remaining single nail specimens, typically with the bottom member being 
significantly thicker than the top member, failed by bearing in the top member as shown in 
Figure 3.6(b).  
The ratio of the ultimate test load to the predicted strength is called the professional factor. 
Tables 3.3 and 3.4 list the professional factors of the single nail specimens failing in pull-out 
and bearing, respectively.  
43 
 
Figure 3.6 Failure modes: (a) pull-out of the nail; (b) bearing failure of the top member. 
The professional factor of each configuration in Tables 3.3 and 3.4 was computed using the 
average ultimate test load Ptest of three specimens, unless noted otherwise. An empty cell in a 
table represents the same entry as in the above cell. 






















R10 2.52 0.58 440 0.58 440 1.5 0.38 1.17 1.17 
R12 - - - 0.97 385 2.3 0.55 1.33 1.12 
R1 - 0.59 665 0.59 665 1.8 0.37 0.88 1.16 
R14 - 0.74 - 0.74 - 2.4 0.49 0.85 1.17 
R17 - - - 0.99 610 3.0 0.60 0.90 1.13 
R28 - - - 1.48 590 3.8 0.71 1.13 0.96 
R34 - 0.78 380 0.74 665 2.3 0.47 1.14 1.10 
R33 - - - 0.78 380 2.1 0.51 1.21 1.15 
R24 - - - 0.97 385 2.2 0.54 1.11 0.98 
R31a - - - 1.48 590 3.5 0.65 1.73 0.87 
R13 - 0.97 385 0.58 440 1.7 0.44 1.32 1.12 
R20 - - - 0.78 380 2.2 0.53 1.24 1.10 
R11 - - - 0.97 385 2.1 0.51 0.88 0.87 
R5 - 0.99 610 0.59 665 2.4 0.51 1.19 1.33 
R16 - - - 0.74 - 2.5 0.51 0.90 1.12 
R6 - - - 0.99 610 3.9 0.78 0.98 1.33 
R7c - - - 1.48 590 5.2 0.96 1.26 1.19 
R8 - 1.48 590 0.59 665 2.4 0.52 1.21 1.18 
R9b - - - 0.99 610 4.0 0.79 0.99 1.18 


























P28a 3.63 0.99 610 0.99 610 3.1 0.32 0.64 0.82 
R21 - - - 1.48 590 3.7 0.36 0.63 0.67 
R25 - 1.48 590 0.99 610 3.0 0.31 0.63 0.70 
R26 - - - 1.48 590 5.3 0.51 0.62 0.83 
R27 - - - 1.82 585 6.0 0.57 0.71 0.78 
R37 - - - 2.36 580 8.8 0.78 1.02 0.87 
R30 - 1.82 585 1.48 590 6.0 0.59 0.71 0.89 
R38b - - - 1.82 585 8.0 0.75 0.77 0.96 
R40 - 2.36 580 0.99 610 5.0 0.52 1.04 1.00 
R39c - - - 2.36 580 10.2 0.91 0.76 0.87 
Mean 0.58 0.98 1.02 
COV 0.331 0.272 0.195 
aTwo specimens were tested. 
bFour specimens were tested. 
cFive specimens were tested. 
It can be seen from Table 3.3 that Eq. (3.1) excessively overestimates the pull-out strength of 
all the specimens, with a coefficient of variation greater than 30%. In fact, Eq. (3.5), which is 
intended for the “tilting and bearing” strength of screw connections, provides better estimates 
than Eq. (3.1). However, the coefficient of variation of Eq. (3.5) is almost 30%. 
Table 3.4 Results of single nail specimens failing in bearing 














R2 2.52 0.59 665 0.99 610 3.2 1.01 1.20 
R3a - - - 1.48 590 3.8 1.20 1.42 
R4b - - - 1.82 585 3.4 1.08 1.28 
R29 - 0.74 - - - 4.1 1.04 1.23 
R32 - 0.78 380 - - 3.9 1.62 1.92 
R18 3.63 0.74 665 2.36 580 5.3 0.93 1.10 
R19 - 0.78 380 - - 3.8 1.11 1.32 
R22 - 0.99 610 1.82 585 5.3 0.77 0.91 
R23 - - - 2.36 580 6.8 0.98 1.16 
Mean 1.09 1.29 
COV 0.221 0.221 
aFour specimens were tested. 
bFive specimens were tested. 
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Table 3.3 also shows that the professional factors of Eq. (3.1) increase significantly with the 
increase in the thickness t2 of the bottom member, which resisted the nail pull-out. It indicates 
that the exponent assigned to the variable by the current specification is too low for thin bottom 
plates. 
Table 3.4 shows that Eq. (3.4), which is specified for PAF connections, gives a mean 
professional factor that is significantly closer to unity than Eq. (3.5), which is intended for 
screw connections. However, their coefficients of variation are the same since the only 
difference between them is the bearing coefficient. It is noteworthy that the coefficient of 
variation is significantly larger than the corresponding value of 0.07 obtained by Truong et al. 
(2020) for PAF connections. 
3.5   Deriving design equation for nail pull-out in shear 
The approach detailed by Teh & Uz (2017) to derive the tilt bearing strength equation of a 
bolted connection is adopted in the present study. The variations in the nail pull-out strength 
are computed over the nominal thicknesses ranging from 0.8 to 1.5 mm, and over the nominal 




























=  (3.8) 
where the subscript “ref” denotes the reference specimen (or configuration), which is constant 
for a particular set. The variable Pref is the ultimate test load of the reference specimen. 
If the strength varies linearly with a particular variable, then the normalised capacity ratios for 
the variable will stay close to unity over the entire range of the variable. If the normalised 
capacity ratios increase with the increase in the value of the variable, then the strength has a 
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nonlinear relationship with the variable with an exponent greater than unity. Otherwise, the 
exponent of the variable is less than unity. 
The responses of the average normalized capacity ratios computed for the specimens in Table 
3.3 are plotted in Figure 3.8. It can be seen that the normalised capacity ratios for the thickness 
of the member not in contact with the nail head (the bottom member) remain relatively close 
to unity, indicating that a linear relationship between the pull-out strength and the thickness t2 
may be used in the design equation. 
Figure 3.8 Relationships between pull-out strength and (a) sheet thickness; (b) nail diameter 
On the other hand, the normalised capacity ratios for the thickness of the member in contact 
with the nail head (the top member) and for the nail diameter decrease with the increase in the 
respective variables. It was found that using the exponents a = 2/3, b = 1, c = 
1/3 in Eq. (3.2) 
represented the relationships between the pull-out strength and the sheet thickness and nail 
diameter significantly better than Eqs. (3.1) and (3.5). 
Having determined the exponents of Eq. (3.2) in the preceding paragraph, the coefficient Csp 
was calculated to be 1/18 to give a mean professional factor close to unity for the specimens in 







ud t t F E
P =  (3.9) 
The professional factors of Eq. (3.9) for the single nail specimens failing in pull-out are given 
in Table 3.3. The mean professional factor is 1.02 with a coefficient of variation equal to 0.195, 

























coefficients of variation were calculated for the 93 specimens, not the 30 average values shown 
in Table 3.3. 
As a matter of interest, the present coefficient of variation is of the same order of magnitude as 
that obtained by Mujagic et al. (2010) for PAF connections failing in pull-out, which is 0.17. 
It can also be compared to the corresponding value of 0.13 obtained by Truong et al. (2020). 
3.6   Serial nail connections 
In practice, a shear nailed connection may have more than one nail. If the nails are arrayed in 
a single row perpendicular to the loading direction, then the pull-out strength is equal to the 
algebraic sum of the individual strengths computed using Eq. (3.9). However, if the nails are 
arrayed in series, then the so-called “group effect” (LaBoube & Sokol 2002) may reduce the 
overall pull-out strength. The reason is that the ultimate load may be reached with only the 
front nail(s) being pulled out, as illustrated in Figure 3.9. 
Figure 3.9 Serial nails failing in pull-out under shear. 
Table 3.5 shows that, on average, the pull-out strength per nail of a two-nail or three-nail serial 
connection was 25% lower than that of the corresponding single nail connection. The variable 
n in the table is the number of nails in the connection, Pm is the ultimate test load of the multiple 
nail specimen, Ptest is the average ultimate test load of the corresponding single nail specimens 
in Table 3.3, and S is the nail spacing defined in Figure 3.10. The predicted strength Pnos is 




















M1 2 0.59 665 0.59 665 8 1.9 0.55 0.63 
M15 - - - - - 25 2.1 0.58 0.68 
M8 - - - - - 15 2.7 0.76 0.89 
M22 3 - - - - - 4.5 0.85 0.99 
M4a 2 - - 0.99 610 8 4.6 0.71 0.92 
M4b - - - - - - 5.2 0.81 1.04 
M11 - - - - - 25 4.9 0.77 1.00 
M18 - - - - - 15 4.8 0.75 0.97 
M3a - 0.99 610 0.59 665 8 3.7 0.77 1.03 
M3b - - - - - - 4.2 0.87 1.16 
M17a - - - - - 25 3.7 0.77 1.02 
M17b - - - - - - 3.5 0.73 0.96 
M10a - - - - - 15 3.9 0.81 1.07 
M10b - - - - - - 4.1 0.87 1.15 
M24 3 - - - - - 5.4 0.75 1.00 
M2 2 - - 0.99 610 8 6.1 0.78 1.03 
M16 - - - - - 25 5.4 0.69 0.92 
M9 - - - - - 15 5.9 0.75 1.00 
M23 3 - - - - - 8.9 0.76 1.01 
Mean 0.75 0.97 
COV 0.110 0.134 
The results listed in Table 3.5 do not exhibit any consistent relationship between the pull-out 
strength per nail and the nail spacing S, nor between the former and the number of nails. It is 
therefore proposed that a constant group effect factor of 0.75 be applied to Eq. (3.9) for serial 
nail connections 
Figure 3.10 Serial nail connections. 
Figure 3.11 shows the load-deflection graphs of Specimens R6, M9 and M23, all of which had 
top and bottom members composed of 1.0-mm G550 sheet steel, connected with 2.5-mm nails. 
It can be inferred that the use of serial nail connections does not meaningfully increase the 
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displacement at the ultimate load. On the other hand, the response of a single (or a single row) 
nail connection failing in pull-out can be quite ductile, as exhibited by Specimens R6a, R6b 
and R6c. 
Figure 3.11 Load-deflection graphs of single, double and triple nail connections. 
3.7   Verification of proposed equation against other helically 
knurled nails 
Equation (3.9) was verified against connections made with helically knurled nails 
manufactured by two other companies, shown in Figure 3.12. One set had a measured nail 
diameter of 2.72 mm, and the other had a measured diameter of 2.53 mm. 






















(a)                       (b) 
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Table 3.6 listed the test results and professional factors against the proposed design equation. 
It can be seen from Tables 3.3 and 3.6 that the overall statistical values of the professional 
factors given by Eq. (3.9) are not significantly different.  
Table 3.6 Verification of Eq. (3.9) against other nail brands 









V1 2.72 0.74 665 0.99 610 3.4 1.20 
V2 - - - - - 3.8 1.36 
V5 - 0.99 610 - - 3.4 1.09 
V6 - - - - - 4.2 1.35 
V7 - - - - - 3.9 1.27 
V10 - 0.58 440 0.78 380 1.6 0.89 
V11 - - - - - 1.6 0.90 
V13 - - - 0.58 440 1.4 1.02 
V14 - - - - - 1.0 0.74 
V3 2.53 0.74 665 0.99 610 2.5 0.93 
V4 - - - - - 2.7 1.00 
V8 - 0.99 610 - - 2.4 0.82 
V9 - - - - - 2.6 0.88 
V12 - 0.58 440 0.78 380 1.3 0.80 
V15 - - - 0.58 440 1.1 0.86 
Mean 1.01 
COV 0.202 
3.8    Resistance Factor (ϕ)  
Given the fact that the coefficient of variation of Eq. (3.9) for the serial nail specimens in Table 
3.5 is smaller than that for the single nail specimens in Table 3.3 while the mean professional 
factor is close to unity, the resistance factor will be computed based on the results of the single 
nail specimens only, as given in Tables 3.3 and 3.6. The group effect factor of 0.75 can then be 
conservatively applied to Eq. (3.9) for serial nail connections, in conjunction with the same 
resistance factor.  
The resistance factor ϕ is determined in accordance with Section K2.1 of the North American 
cold-formed steel structures specification (AISI 2016a): 




in which Cϕ is the calibration coefficient equal to 1.52 in the case of the Load and Resistance 
Factor Design (LRFD); Mm is the mean value of material factor equal to 1.10 according to 
Table K2.1.1-1 (AISI 2016a); Fm is the mean value of fabrication factor equal to 1.0; and Pm is 
the mean value of professional factors, equal to 1.02 in the present work.  
The exponential term p in Eq. (3.10) is computed from: 
2 2 2 2
0 M F P P Qp V V C V V= − + + +
 (3.11) 
in which VM = the coefficient of variation of the material factor equal to 0.1 for the present 
case; VF = the coefficient of variation of the fabrication factor equal to 0.1 (Table K2.1.1-1, 
AISI 2016a); VP = the coefficient of variation of the professional factor equal to 0.195. CP = 
correction factor computed using Eq. K2.1.1-4 given in AISI 2016a; and VQ = the coefficient 
of variation of load effects equal to 0.21 as specified in Section K2.1.1 (AISI 2016a). 
The computed resistance factors required to achieve the target reliability index β0 of 3.5 in the 
LRFD for the concerned design equation is equal to 0.55. The present resistance factor is 
slightly lower than the corresponding value for the shear pull-out strength of a PAF connection, 
being 0.60 according to Section J5.3.3 of the specification (AISI 2016a). 
As a matter of interest, the resistance factors of Eqs. (3.4) and (3.5) computed for the present 
nail specimens are 0.55 and 0.65, respectively. The corresponding values according to Section 
J5.3.2 for PAF connections and Section J4.3.1 for screwed connections are 0.80 and 0.50, 
respectively.  
3.9   Conclusions 
The work presented in this chapter has pointed out that the pull-out strength of a shear nailed 
connection is not only a function of the thickness of the member not in contact with the fastener 
head, but also a function of the other member’s thickness. The pull-out strength varies linearly 
with the former, indicating a much stronger relationship than that implied by the current 
specification equation for members thicker than 2.9 mm. On the other hand, the relationship 
between the pull-out strength and the nail diameter was found to be much weaker than indicated 
by the specification equation. The current specification equation for the pull-out strength of a 
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shear PAF connection, which is restricted to connections where the bottom member is at least 
as thick as 2.9 mm, is too optimistic for the thinner connections tested in the present work. 
A pull-out strength equation that is applicable to shear connections between steel sheets thinner 
than 2.9 mm has been derived in the present work, when helically knurled nails are used. For 
a serial nail connection, a group effect factor of 0.75 is suggested to account for the fact that 
the connection will fail at a load lower than the sum of the pull-out strengths of the individual 
nails. The number of nails and the nail spacing do not appear to have consistent effects on the 
group effect factor. 
The current specification equation for the bearing and tilting strength of a PAF connection was 
found to be reasonably accurate for the tested connections, where the member not in contact 
with the fastener head was as thin as 1.0 mm. This finding suggests that, with regard to the 
bearing and tilting strength, the current specification’s requirement for the member to be 
thicker than 3.2 mm is unnecessary, as is the requirement that the fastener diameter be larger 
than 3.7 mm. 
It is recommended that a resistance factor of 0.55 be applied to the proposed design equation 






Chapter 4: Unconfined Bolted Connections 
This chapter is written based on the following article: 
Bhuiyan, R. A., Ahmed, A., and Teh, L. H. (2021). “Ultimate Bearing Capacity 
of Unconfined Bolted Connections in Cold-Formed Steel Members.” Journal of 
Structural Engineering, 147 (5), 04021048. 
“Some sections of this chapter have been modified from the original article to maintain 
consistency with other chapters and avoid repetition of information”.  
Abstract 
The commentary to the North American cold-formed steel specification recommends physical 
testing to determine the performance of a bolted connection where the plies are not in contact 
with each other. This study presents the laboratory test results of 120 such specimens with sheet 
thicknesses ranging from 0.55 to 3.0 mm, bolted with 10, 12 or 16 mm bolts. Finite element 
analyses support the experimental finding that the bearing failure of an unconfined bolted 
connection is not associated with shear fracture, but with crimpling of the critical ply. The 
bearing capacity varies with the square root of the bolt diameter, and nonlinearly with the sheet 
thickness. Dimensionally consistent and continuous design equations are derived, and are 
verified against the results of the laboratory tests and the finite element analyses, the latter 
supplementing the former with configurations involving 8-mm bolts. The derived relationships 
between the bearing capacity and the sheet thickness and bolt diameter are also verified against 
18 independent test results involving bolted connections through square hollow sections. The 
presented equation is significantly simpler but more accurate than those proposed in the 
literature for such connections. A resistance factor of 0.70 is recommended for use with the 
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proposed design equations for determining the bearing capacities of unconfined bolted 
connections.  
Keywords: bolted connections, bearing strength, cold-formed steel, loose connections, 
unconfined bolted connections, rectangular hollow section connections 
4.1   Introduction 
The experimental and numerical work presented in this chapter aims to investigate the 
behaviour and strength of unconfined bolted connections in cold-reduced steel sheets that fail 
in bearing, where the critical plies are not restrained from crimpling. It verifies the bearing 
strength provisions specified in Section J3.3.1 of AISI S100-16 (AISI 2016a) and Table 8.4 of 
the European code EN-1993-1-3:2006 (ECS 2006) against the present test results of unconfined 
bolted connections. The bearing strength provision of AS/NZS 4600:2018 (SA/SNZ 2018) is 
identical to the North American one. 
This chapter details the procedure to derive a dimensionally consistent and continuous 
empirical equation for determining the bearing capacity of an unconfined bolted connection, 
with either threaded or shank bolt(s). The derivation is based on the present test results of 120 
unconfined double-shear bolted connections where the critical ply failed in bearing, composed 
of G2, G450 and G550 sheet steels. Different sheet thicknesses, bolt diameters and loading 
direction are considered for both threaded and shank bolt specimens. The derived relationships 
between the bearing capacity and the sheet thickness and bolt diameter are verified against the 
test results of 18 bolted connections through square hollow sections obtained by D’Antimo et 
al. (2017). 
Since it is very difficult if not impossible to observe the progression to failure of the inner sheet 
of a double-shear bolted connection, finite element analysis is used to investigate the failure 
mechanism. The present finite element technique is first validated against the laboratory test 
results, and is then used to supplement them by simulating connections with 8 mm bolts.  
This study is not concerned with bolt hole deformation at service load. The bearing capacity of 
a bolted connection is defined as the maximum load-carrying capacity. 
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4.2    Equations for bearing capacity of double-shear bolted 
connection 
When deformation around the bolt hole is not a design consideration, Section J3.3.1 of AISI 
S100-16 (AISI 2016a) specifies the bearing capacity of the connected sheet for each loaded 
bolt to be  
b f uP C m d t F=  (4.1) 
where d is the bolt diameter, t is the sheet thickness and Fu is the material tensile strength. The 
effective bearing coefficient is the product of the modification factor mf, which accounts for 
the type of bearing connections, and the bearing factor C, which depends on the d/t ratio. For 
the inner sheet of the double-shear connections tested in the present study, the modification 
factor mf is equal to 1.33. The bearing factor C is given in Table 4.1, as adapted from Rogers 
and Hancock (1999).  
Table 4.1: Bearing factor C for bolted connections with standard holes (AISI 2016a) 
d/t C 
d/t < 10 3.0 
10 < d/t < 22 4 - 0.1 (d/t) 
d/t > 22 1.8 
The North American bearing strength provision is adopted by AS/NZS 4600:2018 (SA/SNZ 
2018) in Clause 5.3.4.2. 
Eurocode EN-1993-1-3:2006 (ECS 2006) specifies the bearing capacity of the connected sheet 
for each bolt to be 
2.5b t b uP k d t F=  (4.2a) 
where kt and αb are dependent on the sheet thickness t and the end distance, respectively. The 
end distance is the distance between the centre of the bolt hole and the end of the member in 
the direction of loading. In the present work, due to the end distance of at least 50 mm used for 
all the tested specimens, the coefficient αb is invariably equal to unity. 










=    (4.2b) 
Eq. (4.2b) is only valid when the thickness t is measured in millimetres (Teh & Uz 2017).  
None of the code provisions consider bolted connections where the critical ply has minimal 
out-of-plane restraint. For such a connection, the bearing failure may occur due to crimpling of 
the critical ply, and the bearing capacity may not exhibit a linear relationship with the sheet 
thickness and the bolt diameter. Therefore, in the present study, the bearing capacity of the 
unconfined connected sheet of each bolt is expressed as 
b a
b ub uP C d t F=  (4.3) 
where the effective bearing coefficient Cub and the exponents a and b are to be determined from 
laboratory test results.  
For dimensional consistency, the sum of the exponents a and b must be equal to 2: 
2b a= −  (4.4) 
4.3   Experimental Program 
4.3.1   Test materials  
G2, G450 and G550 steel sheets were used in the present laboratory tests. G2 sheet steel is 
classified as a formability grade, while G450 and G550 sheet steels are structural grade (SA 
2011). The former has been included in order to investigate the effect of material ductility. 
Tables 4.2 through 4.4 present the 12.5 mm wide tension coupon test results of the test 
materials, being the average yield strength Fy, tensile strength Fu, elongation at fracture over 
15mm (ε15), 25mm (ε25), 50mm (ε50) and uniform elongation outside fracture (εuo). The variable 
tbase denotes the base metal thickness without the coating. Each value was obtained as the 
average of three coupons. The suffix “R” denotes loading in the rolling direction of the cold-





















1.5 mm T 1.45 390 430 1.10 58.1 47.8 32.2 17.3 
1.5 mm R - 320 400 1.25 55.2 45.9 37.7 24.5 
2.4 mm T 2.35 345 395 1.14 68.5 53.8 40.4 24.1 
2.4 mm R - 310 390 1.26 62.4 51.5 40.1 26.8 

















1.5 mm T 1.48 610 630 1.03 15.5 10.5 8.1 4.5 
1.5 mm R - 555 590 1.06 21.5 16.3 12.0 6.9 
1.9 mm T 1.82 600 630 1.05 22.6 17.2 9.9 5.0 
1.9 mm R - 540 585 1.08 26.3 22.3 12.1 8.4 
2.4 mm T 2.36 580 620 1.07 25.3 17.2 10.7 5.8 
2.4 mm R - 535 580 1.08 31.0 23.8 16.3 8.9 
3.0 mm T 2.95 570 610 1.07 27.5 18.0 10.9 6.3 
3.0 mm R - 520 555 1.07 30.5 21.4 14.8 8.2 

















0.55 mm T 0.52 805 810 1.01 2.2 1.6 0.8 0.1 
0.55 mm R - 760 765 1.01 2.2 2.0 1.2 0.3 
0.95 mm T 0.92 720 750 1.04 5.6 4.1 2.6 0.4 
0.95 mm R - 690 700 1.02 11.1 10.0 7.4 5.4 
All the materials in Tables 4.2 and 4.3, except for 1.5 mm and 3.0 mm G450 sheet steels, satisfy 
the ductility requirements of Section A3.1.1 of AISI S100-16 (AISI 2016a) and can be used 
without any restriction. The two G450 sheet steels do not meet the required minimum ratio of 
58 
 
tensile strength to yield stress Fu/Fy of 1.08, tested in the rolling direction. However, the full 
nominal yield stress and tensile strength of G450 steel can still be used for structural design as 
it is a structural grade covered by AS 1397-2011 (Hancock 2007). It may be noted that the G2 
and G450 sheet steels were from the same batch used by Teh & Uz (2014). 
In Clause 1.5.1.1 of AS/NZS 4600:2018 (SA/SNZ 2018), 10% and 25% strength reductions 
are required for G550 sheet steels with thicknesses less than 0.9 mm and 0.55 mm, respectively, 
due to their much reduced ductility as measured in terms of elongation at fracture and Fu/Fy 
ratio. Clause 1.5.1.4 of AS/NZS 4600:2018 (SA/SNZ 2018) requires that the ratio of tensile 
strength to yield stress Fu/Fy be not less than 1.05, and that the elongation at fracture over a 50-
mm gauge length ε50 be not less than 10%.  In the present study, the tensile strengths Fu of 0.55 
mm and 0.95 mm G550 steels are taken to be 75% and 90% of the measured strengths listed in 
Table 4.4, respectively.  
4.3.2   Specimen configurations and test set-up 
All tested specimens were single bolted double-shear connections, where the geometry of the 
inner sheets and bolt hole locations were designed to ensure that bearing failure is the governing 
mode. The width of each inner sheet was 100 mm to avoid net section fracture, and the end 
distance of each bolt hole in the loading direction was at least 50 mm to avoid shear-out failure. 
Each specimen was connected by a bolt in such a way that the bolt head and nut were not in 
contact with the outer sheets, as illustrated in Figure 4.1(a). Two 9 mm thick steel plates having 
a measured yield stress of 585 MPa were used as the outer sheets so that the concentrically 
loaded inner sheet was the critical element.  
Four thicknesses of G450 sheet steels, as shown in Table 4.3, were used to enable the 
determination of the relationship between the bearing capacity and the sheet thickness.  
Three bolt sizes commonly used for structural connections in G450 sheet steels, being 10, 12 
and 16 mm, were used in the present tests, resulting in the ratios of bolt diameter to sheet 
thickness d/t ranging from 3.3 to 21.8. This range covers the vast majority of bolted connections 
found in cold-formed steel construction. In all specimens, the bolt hole diameter was 1 mm 





Figure 4.1 Test set-up: (a) Schematic; (b) As tested 
As the stiffness responses of thread and shank bolted connections in structural steel plates have 
been found to be quite different from each other (Ahmed & Teh 2019), both types of bolts were 
used in the present study to investigate their effects on the bearing capacity of unconfined 
bolted connections in cold-reduced steel sheets. However, it may be noted that both plain shank 
and threaded parts can be present in a single bolt, as shown in Figure 4.2.  
Figure 4.2 Thread and shank portions of the bolt 
It is evident from Tables 4.2 through 4.4 that the ductility characteristics of G2, G450 and G550 
sheet steels are very different from each other. They are included in the present study as Teh 
& Uz (2014) have found that material ductility has a significant effect on the bearing capacity 




G450 specimens, and twenty-four G550 specimens were tested to investigate the effect of 
material ductility on the unconfined bolted connections. The loading direction with respect to 
the sheet rolling direction of each specimen was also noted. In addition to the unconfined 
(untightened) bolted connection specimens, ten finger-tightened specimens were also tested for 
comparison purposes.  
All specimens were loaded at a stroke rate of 2 mm per minute.  
4.4   Test results and discussions 
The test results of formability grade and structural grade steel specimens are presented in 
Tables 4.5 and 4.6, respectively.   











Eq. (4.1) Eq. (4.2) Eq. (4.9) 
2T2A15 Y 1.5 12 T 15.1 0.51 0.81 0.80 
2R2A15 - - - R 16.9 0.61 0.97 0.90 
2T6A15 - - 16 T 26.4 0.69 1.06 1.21 
2R6A15 - - - R 23.8 0.67 1.03 1.09 
2T2A24 - 2.4 12 T 37.2 0.84 1.33 0.98 
2R2A24 - - - R 36.2 0.82 1.32 0.95 
2T6A24 - - 16 T 41.1 0.69 1.11 0.94 
2R6A24 - - - R 48.2 0.82 1.32 1.10 
2T2S15 N 1.5 12 T 16.4 0.55 0.88 0.94 
2R2S15 - - - R 15.8 0.57 0.91 0.91 
2T6S15 - - 16 T 24.7 0.64 0.99 1.23 
2R6S15 - - - R 17.2 0.48 0.74 0.85 
2T2S24 - 2.4 12 T 33.1 0.74 1.19 0.94 
2R2S24 - - - R 38.4 0.87 1.40 1.09 
2T6S24 - - 16 T 39.9 0.67 1.07 0.99 
2R6S24 - - - R 41.3 0.71 1.13 1.02 
Mean 0.68 1.08 1.00 
COV 0.174 0.182 0.121 
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The ultimate test load, which is the maximum load obtained in the laboratory test, is denoted 
Ptest, and the predicted capacity of a design equation is denoted Pb. The ratio between Ptest and 
Pb is called the professional factor. Loading in the rolling direction of the steel sheet is denoted 
with the letter R, and loading in the perpendicular direction with the letter T. For legibility, 
only the nominal values of the geometric variables are shown in the following tables. For 
calculation purposes, the measured values were used. The measured diameters of the bolts were 
typically within 0.02 mm of the nominal. An empty cell in the tables represents the same entry 
as in the above cell.  
For each configuration, at least two specimens were tested, except for a few configurations of 
G550 specimens as noted by footnotes to the relevant table. The average values of the geometry 
and ultimate test loads are used in determining the professional factors. Table 4.5 also lists the 
professional factors for G2 specimens given by the code equations. The corresponding test data 
of the structural grade G450 and G550 specimens are given in Table 4.6. 















Eq. (4.1) Eq. (4.2) Eq. (4.9) 
4T1A15 G450 Y 1.5 10 T 17.0 0.46 0.73 0.84 
4R1A15 - - - - R 16.4 0.47 0.75 0.81 
4T2A15 - - - 12 T 19.7 0.44 0.70 0.89 
4R2A15 - - - - R 21.8 0.52 0.83 0.99 
4T6A15 - - - 16 T 26.5 0.46 0.71 1.04 
4R6A15 - - - - R 29.5 0.54 0.85 1.16 
4T1A19 - - 1.9 10 T 27.1 0.59 0.95 1.00 
4R1A19 - - - - R 25.1 0.59 0.94 0.92 
4T2A19 - - - 12 T 26.8 0.49 0.78 0.90 
4R2A19 - - - - R 26.4 0.52 0.83 0.88 
4T6A19 - - - 16 T 37.8 0.52 0.82 1.10 
4R6A19 - - - - R 33.5 0.49 0.79 0.97 
4T1A24 - - 2.4 10 T 36.8 0.63 1.01 0.92 
4R1A24 - - - - R 39.4 0.72 1.15 0.99 
4T2A24 - - - 12 T 47.7 0.68 1.09 1.09 
4R2A24 - - - - R 46.9 0.72 1.14 1.07 
4T6A24 - - - 16 T 48.4 0.52 0.83 0.96 
4R6A24 - - - - R 52.8 0.60 0.96 1.05 
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Table 4.6 (continued) 










Eq. (4.1) Eq. (4.2) Eq. (4.9) 
4T1A30 - - 3.0 10 T 57.9 0.81 1.29 1.09 
4R1A30 - - - - R 58.9 0.90 1.44 1.10 
4T2A30 - - - 12 T 61.0 0.71 1.13 1.04 
4R2A30 - - - - R 69.9 0.89 1.42 1.20 
4T6A30 - - - 16 T 82.3 0.72 1.14 1.22 
4R6A30 - - - - R 79.2 0.76 1.21 1.17 
4T2S15 - N 1.5 12 T 19.8 0.44 0.71 0.94 
4R2S15 - - - - R 20.7 0.50 0.79 0.99 
4T6S15 - - - 16 T 22.4 0.39 0.60 0.93 
4R6S15 - - - - R 25.2 0.47 0.72 1.04 
4T2S30 - - 3.0 12 T 59.0 0.69 1.09 1.06 
4R2S30 - - - - R 57.7 0.74 1.18 1.04 
4T6S30 - - - 16 T 72.4 0.63 1.01 1.15 
4R6S30 - - - - R 70.0 0.67 1.07 1.09 
5T1A55 G550 Y 0.55 10 T 4.0 0.45 0.65 0.97 
5R1A55 - - - - R 4.3 0.52 0.75 1.05 
5T2A55 - - - 12 T 4.7 0.55 0.65 1.05 
5R2A55 - - - - R 4.9 0.61 0.72 1.10 
5T1A95 - - 0.95 10 T 9.4 0.39 0.68 0.89 
5R1A95 - - - - R 9.8 0.44 0.76 0.93 
5T2A95a - - - 12 T 11.1 0.41 0.66 0.96 
5R2A95a - - - - R 11.0 0.44 0.71 0.95 
5T6A95a - - - 16 T 11.4 0.38 0.51 0.88 
5R6A95a - - - - R 14.4 0.52 0.69 1.08 
5T1S95 - N 0.95 10 T 9.3 0.39 0.67 0.93 
5R1S95 - - - - R 8.3 0.37 0.64 0.83 
5T2S95a - - - 12 T 11.1 0.42 0.67 1.08 
5R2S95a - - - - R 11.3 0.45 0.73 1.03 
5T6S95a - - - 16 T 11.4 0.38 0.51 0.90 
5R6S95a - - - - R 12.0 0.43 0.58 0.95 
Mean 0.55 0.86 1.00 
COV 0.252 0.269 0.098 
aOnly one specimen was tested for each configuration 
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4.4.1 Effect of unconfined (untightened) condition 
The professional factors of Eq. (4.1) and (4.2) shown in Tables 4.5 and 4.6 suggest that the lack 
of out-of-plane restraint for the critical ply resulting from the untightened bolt condition 
significantly reduced the bearing capacity of a bolted connection in cold-reduced steel sheets. 
In the case of Eq. (4.1) specified in AISI S100-16 (AISI 2016a), the average professional factor 
for the structural grade specimens is 0.55 with a coefficient of variation equal to 0.252. If 0.75 
is used as the modification factor (mf ) in Eq. (4.1) then the mean professional factors would 
be 1.20 for  the formability grade and 0.97 for the structural grade specimens. 
Equation (4.2) specified in the Eurocode (ECS 2006) is over-optimistic for the specimens 
thinner than 2.4 mm (by almost 100% for Specimens 5T6A95 and 5T6S95 in Table 4.6) while 
being over-conservative for thicker specimens (by more than 30% for Specimen 4R1A30). 
Such an inconsistency indicates that Eq. (4.2) does not properly account for the relationship 
between the bearing strength and the member thickness of an unconfined bolted connection. 
Table 4.7: Test results of finger-tightened specimens 










Eq. (4.1) Eq. (4.2) 
5T1T95 G550 Y 0.95 10 T 19.7 0.82 1.42 
5R1T95 - - - - R 16.7 0.74 1.29 
2T2T15 G2 - 1.5 12 T 32.5 1.09 1.74 
2R2T15 - - - - R 32.6 1.17 1.87 
2T6T15 - - - 16 T 40.5 1.05 1.62 
2R6T15 - - - - R 40.6 1.14 1.75 
4R2T15 G450 - - 12 - 35.5 0.67 1.07 
4R6T15 - - - 16 - 51.1 0.85 1.36 
4R6T30 - - 3.0 - - 95.2 0.94 1.46 
2T2T15S G2 N 1.5 12 T 28.7 0.91 1.45 
Mean 0.94 1.50 
COV 0.182 0.162 
The effect of the unconfined bolt condition is confirmed by the test results of the ten finger-
tightened specimens, shown in Table 4.7. It can be seen that the professional factors of the code 
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equations for the finger-tightened specimens are much higher than those for the corresponding 
unconfined ones. While Eq. (4.2) is over-conservative for the finger-tightened specimens, there 
is a consistency across the thinner and thicker specimens, in contrast to the unconfined 
specimens. 
Figure 4.3 Effects of confinement on the exact failure mode: (a) finger-tightened specimens; 
(b) unconfined specimens 
Figure 4.3 shows the differences in the exact failure modes between the finger-tightened and 
the unconfined specimens. It can be seen that the former failed in a bearing mode that is 
commonly seen in the literature (Rogers & Hancock 2000, Yan & Young 2013, Teh & Uz 
2014), which involves shear fractures on the two sides of the bolt. The latter, on the other hand, 
did not appear to experience fracture but had distinct crimpling. This aspect is investigated 





4.4.2 Effect of material ductility and loading direction 
Tables 4.5 and 4.6 show that the professional factors of Eqs. (4.1) and (4.2) for the more ductile 
G2 sheet steel specimens are generally higher than those of the G450 sheet steel specimens of 
the same thicknesses. It can also be seen from the tables that, in almost all cases, the test 
specimens loaded perpendicular to the rolling direction of the steel sheet had lower professional 
factors given by Eqs. (4.1) and (4.2) than the corresponding ones loaded in the rolling direction. 
The effects of material ductility and loading direction found in the current study are therefore 
consistent with those of Teh & Uz (2014) for finger-tightened connections. 
4.4.3 Effect of bolt threads 
Tables 4.5 and 4.6 show that the professional factors of the thread bolted specimens are 
generally higher than the corresponding shank bolted specimens, consistent with the finding of 
Ahmed & Teh (2019) for a bolted connection through a rectangular hollow section.  The mean 
profession factors of the thread bolted specimens is 0.60 whereas this is 0.55 for shank bolted 
specimens for Eq. (4.1). In case of Eq. (4.2) they are 0.93 and 0.88, respectively. Ahmed & 
Teh (2019) have shown that the bolt threads restrain the crimpling of the connected plate (sheet) 
downstream of the bolt.  
4.5   Deriving design equation 
4.5.1   Exponents a and b 
The approach employed by Teh & Uz (2017) to derive the tilt bearing equation is adopted in 
the present study. The variation in the bearing capacity with respect to the sheet thickness was 
examined using the G450 specimens having sheet thickness varying from 1.5 to 3.0 mm. The 
1.5 mm sheet thickness is considered to be the reference thickness tref, and the normalized 







=  (4.5) 
where Furef and Pref are the material tensile strength and ultimate test load of the specimen 
having the reference thickness tref, respectively. 
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The variations of the normalized capacity ratios rth from 1.5 mm to 3.0 mm are plotted in Figure 
4.4. Note that average values are used. If the bearing capacity varied linearly with the sheet 
thickness, then the normalized capacity ratios rth would always be equal to unity. However, as 
shown in the figure, they increased with the sheet thickness, meaning that the bearing capacity 
increases more rapidly than the sheet thickness. 
Figure 4.4 Nonlinear relationship between bearing capacity and sheet thickness 
The exponent a in Eq. (4.3) is therefore greater than 1, and should satisfy the following 











For practical purposes, it is desirable that 
 1 ia
j
= +  (4.7) 
in which i and j are positive integers.  
The exponent a was calculated based on the test results shown in Tables 4.5 and 4.6, and it was 
found that the use of a = 3/2 represented the relationship between the bearing capacity and the 
sheet thickness significantly better than the linear relationship assumed in the code equations.   
The exponent b in Eq. (4.3), which represents the relationship between the bearing capacity 













relationship based on the test results presented in Tables 4.5 and 4.6. A similar approach was 







=  (4.8) 
Figure 4.5 plots the variations of the average ratios rd across the three bolt diameters. It can be 
seen that the ratios decreased with the bolt diameter, indicating that the bearing capacity 
increases more slowly than the bolt diameter. Equation (4.4) dictates that the exponent b in Eq. 
(4.3) must be equal to ½. 
Figure 4.5 Nonlinear relationship between bearing capacity and bolt diameter 






b ub u u
C
P C d t F d t F
d t
= = ;   for  3.3 ≤ 𝑑/𝑡 ≤ 21.8 (4.9) 
4.5.2 Effective bearing coefficient Cub  
It is evident from Tables 4.5 and 4.6 that material ductility affects the bearing capacity 
significantly, consistent with the finding of Teh & Uz (2014). For practical purposes, a single 
bearing coefficient Cub was calculated for the structural grade G450 and G550 specimens (for 
either thread or shank bolted case). A separate coefficient was given for the specimens 
composed of G2 sheet steel, which is not a structural grade but a formability grade (SA 2011).  












Thread bolt Shank bolt 
G2 7.8 7.2 
G450 & G550 6.0 5.7 
Table 4.8 lists the bearing coefficients Cub computed for the tested specimens, where only the 
measured tensile strengths in the rolling direction was used in accordance with AS 1397 (SA 
2011). The results of their incorporations in Eq. (4.9) are shown in Tables 4.5 and 4.6.  
It should be noted that the computed bearing coefficients Cub in Table 4.8 are not the proposed 
bearing coefficients, as discussed in the “Resistance Factor” section. 
4.6   Finite element analysis 
4.6.1   Simulations of tested specimens 
The present finite element (FE) analysis used the hexahedral eight-node reduced integration 
brick element C3D8R available in ABAQUS 6.14 Standard (ABAQUS 2014) to model the 
inner sheet, and an analytical rigid body to represent the bolt. Displacement controlled quasi-
static movement of the bolt was used to simulate loading of the inner sheet by the bolt, in the 
same manner as conducted by Clements & Teh (2013). The plasticity of the steel material was 
handled through the von Mises yield criterion and the Prandtl-Reuss flow rule with isotropic 
hardening. The elastic modulus was taken as 200 GPa, and the Poisson’s ratio was 0.3. The 
three-parameter Ramberg-Osgood (1943) equation was used to derive the true stress-strain 
curve based on the elastic modulus, the yield stress, the tensile strength and the engineering 
strain at the ultimate stress in the manner described by Ahmed and Teh (2019).  
Figure 4.6 Boundary conditions of half model of an unconfined specimen 
69 
 
The present study took advantage of the in-plane symmetry of a double-shear connection, with 
only one half of the inner sheet being explicitly modelled using appropriate boundary 
conditions in ABAQUS, as shown in Figure 4.6. A full-thickness model was used for each 
unconfined specimen to account for the crimpling downstream of the bolt. Only the remote 
portion from the downstream end was restrained out-of-plane. The bolt was tilted by 2o from 
the normal position to induce crimpling. The tangential behaviour was defined using a penalty 
formulation, and a friction coefficient of 0.1 was used.  
Figure 4.7 Comparison between test and FEA results 
Figure 4.7 compares the load-displacement graphs obtained from the laboratory tests of 
Specimens 2R6S24, 4T2S15 and 5R6S95 against their FE analyses. The ratios of the ultimate 
test load to the predicted ultimate limit load Ptest/PFE is 0.99, 0.97 and 1.02 for Specimens 
2R6S24, 4T2S15 and 5R6S95, respectively. Figure 4.8 shows the crimpling at the ultimate 
limit state of Specimen 2R6S24. 


























In addition to validating the present finite element models, the results shown in Figures 4.7 and 
4.8 confirm the experimental observation that the bearing failure of an unconfined bolted 
connection is not associated with shear fracture, as fracture was not simulated.  
4.6.2   Verification of the proposed equation against connections with 8 mm 
(and 10 mm) bolt  
The verified FE technique is used to simulate nine unconfined bolted connections, listed in 
Table 4.9. Five of them had 8 mm bolt, which was not included in the laboratory tests. The 
PFE/Pb ratios obtained for these models show that the proposed Eq. (4.9) can predict the bearing 
capacity of the models reasonably well, with a mean value of 1.01 and a coefficient of variation 
equal to 0.021.  











2R8S15 1.5 8 320 400 1.01 
2R1S15 - 10 - - 1.03 
2R8S24 2.4 8 310 390 1.01 
2R1S24 - 10 - - 1.02 
4R8S15 1.5 8 555 590 1.04 
4R1S19 1.9 10 540 585 1.02 
4R1S24 2.4 - 535 580 0.98 
5R8S55 0.55 8 760 765 1.00 
5R8S95 0.95 - 690 700 0.97 
Mean 1.01 
COV 0.021 
4.7   Bolted connections through rectangular hollow sections   
As illustrated in Figure 1.2(b), the wall of a square hollow section where a bolt goes through it 
is unconfined on the inside. The wall region downstream of the bolt is therefore subject to 
crimpling, as found by D’Antimo et al. (2017) and Ahmed & Teh (2019). It has been found 
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that the relationships between the bearing capacity and the wall thickness and bolt diameter 
implied by Eq. (4.9) is still valid for the specimens tested by D’Antimo et al. (2017), but the 
effective bearing coefficient Cub can be increased to 6.7 on account of the fact that the bolt 
through a rectangular hollow section is constrained from tilting in the manner shown in Figure 
4.8. 











Eq. (4.10) Eq. (4.11) Eq. (4.9) 
HX1 16 50 2 495 0.97 1.02 0.90 
HX2 - - - - 1.09 1.14 0.99 
HX3 - - - - 1.14 1.20 1.04 
HX4 - - - - 1.25 1.31 1.15 
HX5 12 40 - - 1.10 1.12 1.02 
HX6 - - - - 1.12 1.14 1.04 
HX7 - - - - 1.19 1.20 1.10 
HX8 - - - - 1.13 1.14 1.04 
HX9 - - 2.5 510 0.95 0.97 0.92 
HX10 - - - - 0.97 0.99 0.94 
HX13 16 50 - - 1.14 1.19 1.08 
HX14 - - - - 1.15 1.20 1.08 
HX15 - - - - 1.07 1.12 1.02 
HX16 - - - - 0.99 1.04 0.94 
S5 - 40 4 425 1.23 1.23 0.95 
S6 - - - - 1.39 1.39 0.97 
S7 - - - - 1.27 1.27 0.96 
S8 - - - - 1.26 1.26 0.97 
Mean 1.13 1.16 1.01 
COV 0.106 0.098 0.070 
Table 4.10 shows the results of Eq. (4.9) using Cub = 6.7, which can be compared against the 
two equations proposed by Latour et al. (2018): 
1 2min , 3 min 3.36 0.043 0.39,1b u
h
e et
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 (4.11) 
The variable dh is the bolt hole diameter, which was nominally 0.5 mm greater than the 
corresponding bolt diameter d for the specimens tested by D’Antimo et al. (2017). The variable 
e1 is the end distance. All specimens in Table 4.10 had e2 = 30 mm, which is equal to half the 
width of the square hollow section. 
It can be seen from Table 4.10 that Eq. (4.9) is significantly more accurate than the other two 
equations. The conservatism of Eqs. (4.10) and (4.11) increases with the wall thickness of the 
members. The mean professional factor of Eq. (4.9) is 1.01 with a coefficient of variation equal 
to 0.070. 
4.8   Resistance factor   
As shown in Table 4.8 for the structural grade (G450 and G550) specimens, the effective 
bearing coefficient Cub of the threaded bolted connection, equal to 6.0, is only 5.3% higher than 
that of the shank bolted connection. For practical design purposes, Cub = 6.0 is proposed and 
was used for both threaded and shank bolted connections to compute the statistical parameters 
in determining the resistance factor. Note, however, for bolted connections through rectangular 
hollow sections, the corresponding bearing coefficient Cub = 6.7 was used. 
In the load and resistance factor design (LRFD) method specified in Section K2.1.1 of the 
North American specification (AISI 2016a), the resistance factor ϕ is determined as follows: 
( ) pm m mC M F P e =  (4.12) 
in which Cϕ is the calibration coefficient equal to 1.52; Mm is the mean value of material factor 
equal to 1.10 according to Table K2.1.1-1 (AISI 2016a); Fm is the mean value of fabrication 
factor equal to 1.00; and Pm is the mean value of professional factors, equal to 0.99 in the 
present case.  
The exponential term p in Eq. (12) is computed from 
2 2 2 2
0 M F P P Qp V V C V V= − + + +  (4.13) 
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in which VM = coefficient of variation of material factor equal to 0.08 in the present case; VF = 
coefficient of variation of fabrication factor equal to 0.05 according to Table K2.1.1-1 (AISI 
2016a); VP = coefficient of variation of the professional factor, equal to 0.092 in the present 
case; CP = correction factor equal to 1.03 as computed using Eq. K2.1.1-4 (AISI 2016a); and 
VQ = coefficient of variation of load effects equal to 0.21 as specified in Section K2.1.1 (AISI 
2016a). 
It was found that Eq. (4.12) yields a resistance factor of 0.69 to achieve the target reliability 
index 0 of 3.5. As the statistical data comprises over one hundred connections of wide ranging 
configurations, it is recommended that a resistance factor  equal to 0.70 be used in the LRFD 
approach of the proposed equation (with the corresponding effective bearing coefficients). 
As a note, for G450 sheet steel used in the present work, the statistical values Mm, VM, Fm and 
VF are 1.192, 0.031, 1.000 and 0.010, respectively (Pham & Hancock 2012). If these values are 
used, then a resistance factor of 0.79 will be computed. In a market where such statistical values 
can be guaranteed, a resistance factor equal to 0.80 may be justified. 
4.9   Conclusion 
This chapter presented an experimental investigation on double-shear bolted connection 
composed of G2, G450 and G550 sheet steel when the inner ply is not confined in out-of-plane 
direction. The investigated variables were sheet thickness, bolt diameter, material ductility and 
loading direction. Threaded and shank bolts were included in the investigation. 
It was found that the unconfined bolted connections had bearing capacities considerably lower 
than the estimates provided by the cold-formed steel specifications, especially for those 
composed of thinner sheets, which experienced substantial crimpling downstream of the bolt. 
The finite element analyses, which were conducted without simulating fracture, confirmed the 
experimental observation that the unconfined double-shear bolted connections reached their 
bearing capacities without experiencing (shear) fracture, in contrast to the confined bolted 
connections.  
Another interesting finding is that the shank bolted specimens had slightly lower bearing 
capacities compared to the thread bolted ones as the bolt threads provided some out-of-plane 
restraint to the critical ply.  
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It was also found that the bearing capacity varied nonlinearly with the sheet thickness with an 
exponent equal to 3/2, and was proportional to the square root of the bolt diameter. 
Dimensionally consistent and continuous design equations have been proposed for determining 
the bearing capacity of unconfined double-shear bolted connections, accounting for the bolt 
threads. The proposed relationships are reasonably accurate for the tested specimens, which 
had bolt diameter-to-sheet thickness ratios ranging from 3.3 to 21.8. Importantly, the derived 
relationships between the bearing capacity and the sheet thickness and bolt diameter are also 
valid for bolted connections through square hollow sections, where each sheet is confined on 
one side only.  
It is proposed that, for an unconfined bolted connection where the bolt may tilt, an effective 
bearing coefficient equal to 6.0 be used whether the bolt is threaded or not. A resistance factor 






Chapter 5: Unloading and Reloading Effect 
This chapter is written based on the following article: 
Bhuiyan, R. A., Ahmed, A., and McCarthy, T. J. (2021). “Effect of Unloading 
and Reloading on Bearing Strength of Unconfined Cold-formed Steel Bolted 
Connections.” Journal of Structural Engineering, 147 (5), 04721002.   
“Some sections of this chapters have been modified from the original article to maintain 
consistency with other chapter and avoid repetition of information”.  
Abstract 
This study presents the experimental investigation of cold-formed steel unconfined double-
shear bolted connections where the applied load was stopped at different stages of loading 
(25% or 65% of the ultimate failure load under monotonic loading) followed by unloading, and 
finally reloading until failure. A total of 78 bolted connections of cold-formed steel subjected 
to loading-unloading and reloading condition with sheet thicknesses ranging from 0.55 to 3.0 
mm, bolted with 10, 12 or 16 mm bolts were investigated and compared to the identical 
specimens subjected to monotonic loading. The failure mode of the specimens tested under 
both loading conditions was bearing of the inner sheet. The test results show that ultimate 
capacities obtained from unloading and reloading tests were, on average, lower than those 
obtained from the monotonic tests. Similar trend was also observed for the displacement 
corresponding to the ultimate loads. However, the effects of sheet thickness and bolt diameter 
were found to be less critical. This study establishes a publicly available database of control 
cases to build the foundation for further study into similar loading regimes. This study also 
alludes to several potential use cases for the available data.  
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Keywords: bolted connections, bearing strength, cold-formed steel, single unloading cycle, 
unconfined bolted connections. 
5.1 Introduction 
The study presented in this chapter aims to investigate the effect of single unloading and 
reloading cycle (referred to as ‘single-unloading-cycle’ hereafter in this chapter) at a partial 
load level on unconfined cold-formed steel double shear bolted connections. This study also 
aims to establish several control cases to study the effect of partial loadings on the ultimate 
capacity of these connections.  
In the present work, an experimental investigation was performed on unconfined double shear 
cold-formed steel bolted connections subjected to single-unloading-cycle at partial load level 
and compared against the identical specimens tested under monotonic loading (Chapter 4;                                     
Bhuiyan et al. 2021). The specimens were fabricated from three types of cold-formed steel 
sheets named, G2, G450 and G550. The varied parameters are sheet thicknesses, bolt diameters 
and loading direction. Different sheet thicknesses, bolt diameters and loading direction are 
tested for both threaded and shank bolt specimens. 
To study the effect of a single-unloading-cycle within the elastic range of the ultimate capacity, 
the first selected partial load level is 25% of the ultimate capacity under monotonic loading. 
Whereas the selected second partial load level is 65% of the ultimate capacity, which represents 
the un-factored design load.  
Additionally, the underlying load-displacement data for all the specimens is made publicly 
available to facilitate efficient data reuse by the engineering community. Although, this study 
focuses on the ultimate capacity of the tested specimens without considering bolt hole 
deformation; the load-displacement data can have wide ranging uses including the derivation 
of ultimate capacities under serviceability limit state considering bolt hole deformation. Several 
more ideas for potential reuse of the data are also provided in this chapter. 
5.2   Design equations for bearing capacity 
The design specification given in J3.3.1 of AISI S100-16 (AISI 2016a) for bearing capacity of  
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bolted connection was discussed in the previous chapter, where the design equation was,  
b f uP C m d t F=  (5.1) 
However, the code provisions does not consider a bolted connections where the critical sheet 
has minimal out-of-plane restraint. For such a connection, the bearing failure may occur due to 
crimpling of the critical sheet, and the bearing capacity may not exhibit a linear relationship 
with the sheet thickness and the bolt diameter. This phenomenon was confirmed by the 
laboratory tests presented in Chapter 4 (Bhuiyan et al. 2021). The bearing capacities of the 
unconfined bolted connections were found to be considerably lower than the estimates 
provided by the cold-formed steel specifications (AISI 2016a).  
The bearing capacity Pb proposed in Chapter 4 (Bhuiyan et al. 2021) of an unconfined 
connected sheet connected by a single bolt is expressed as,  
31
2 2
b ub uP C d t F=  (5.2) 
in which Cub is the bearing coefficient equal to 6.0. 
The derived relationships between the bearing capacity and the sheet thickness and bolt 
diameter were also verified against 18 independent test results (D’Antimo et al. 2017) 
involving bolted connections through square hollow sections. A resistance factor ϕ of 0.70 was 
recommended for use with the proposed Eq. 5.2 for determining the bearing capacities of 
unconfined bolted connections designed following the load and resistance factor design 
(LRFD) method. 
5.3   Experimental program   
5.3.1   Test materials  
The G2, G450 and G550 CFS sheets used in the present laboratory tests were manufactured 
and supplied by BlueScope Steel at Port Kembla Steelworks, Australia. G2 sheet steel is 




Tables 5.1- 5.3 present the 12.5 mm wide tension coupon test results for G2, G450 and G550, 
respectively, where obtained average yield strength Fy, tensile strength Fu, elongation at 
fracture over 15 mm (ε15), 25 mm (ε25), 50 mm (ε50) and uniform elongation outside fracture 
zone (εuo) are given. The variable tbase denotes the base metal thickness without the coating. 
Each value was obtained as the average of three coupons. The suffix “R” and “T” denotes the 
loading in the rolling direction of the CFS sheet, and loading in the direction perpendicular to 
the rolling direction, respectively. 

















1.5 mm T 1.45 390 430 1.10 58.1 47.8 32.2 17.3 
1.5 mm R - 320 400 1.25 55.2 45.9 37.7 24.5 
2.4 mm T 2.35 345 395 1.14 68.5 53.8 40.4 24.1 
2.4 mm R - 310 390 1.26 62.4 51.5 40.1 26.8 

















1.5 mm T 1.48 610 630 1.03 15.5 10.5 8.1 4.5 
1.5 mm R - 555 590 1.06 21.5 16.3 12.0 6.9 
3.0 mm T 2.95 570 610 1.07 27.5 18.0 10.9 6.3 
3.0 mm R - 520 555 1.07 30.5 21.4 14.8 8.2 
















0.95 mm T 0.92 720 750 1.04 5.6 4.1 2.6 0.4 
0.95 mm R - 690 700 1.02 11.1 10.0 7.4 5.4 
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The strength of the G2 materials in Table 5.1 can be used without any restriction as they satisfy 
the ductility requirements of Section A3.1.1 of AISI S100-16 (AISI 2016a). Even though G450 
materials do not satisfy the same ductility requirements, the full nominal yield stress and tensile 
strength can be used for structural design as it is a structural grade covered by AS 1397-2011 
(Hancock 2007). It may be noted that the G2 and G450 sheet steels were from the same batch 
used by Teh & Uz (2014). 
Furthermore, G550 materials in Table 5.3 do not satisfy the ductility requirements and in 
Clause 1.5.1.1 (AS/NZS 2018), a 10% strength reduction is recommended for Grade 550 sheet 
steel materials with a thickness of less than 0.9 mm. In the present work, the tensile strength, 
Fu, is considered in the tension coupon test to be 90% of the measured strength for 0.95 mm 
thick G550 sheet steel. 
5.3.2   Specimen configurations and test set-up 
The specimen configurations and test set-up for the present study were an extension of the 
laboratory tests presented in Chapter 4 (Bhuiyan et al. 2021) on unconfined bolted connections 
under monotonic loading. All tested specimens were unconfined double shear, single bolt 
connections as shown in Figure 5.1(a) where bolt head and nut were not in contact with the 
outer sheets. The concentrically loaded inner sheet, shown in Figure 5.1(b), was chosen by 
varying the CFS grades, sheet thickness (t) and bolt hole diameter (do).  The geometry of these 
inner sheets was designed carefully to ensure that bearing was the governing failure mode. The 
width (W) of each inner sheet was 100 mm, and the end distance (e) of each bolt hole in the 
loading direction was at least 50 mm (≥3d) to avoid shear-out failure. The length (L) of the 
inner sheets was maintained at 300 mm so that the total length of the assembled connections 
remains at around 500 mm. Each bolt hole was drilled with a diameter (do) that was 1 mm 
larger than the bolt diameter. Two 9 mm thick steel plates having a measured yield stress of 
585 MPa were used as the outer sheets so that the inner sheet of the double shear bolted 
connection becomes the critical element. The inner sheet was not restrained from out-of-plane 
distortion or bulging downstream of the bolt as it failed in bearing since some gap was 
maintained between the bolt head and nut and the outer thick steel plates.  
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Figure 5.1  (a) schematic of the test set-up; (b) geometric variables of a typical inner sheet 
Tables 5.1-5.3 show that the ductility characteristics of G2, G450 and G550 CFS sheets are not 
identical. These materials were selected as Teh & Uz (2014) and Bhuiyan et al. (2021) showed 
that material ductility influences the bearing capacity of both tightened and unconfined double-
shear bolted connections. A total of thirty G2 specimens, thirty-nine G450 specimens and nine 
G550 specimens were tested to investigate the effect of material ductility on the unconfined 
bolted connection subjected to single-unloading-cycle. 
The sheet thicknesses and bolt diameters were chosen to match the specimens tested under 
monotonic loading by Bhuiyan et al. (2021). As shown in Tables 5.1 - 5.3, one thickness for 
G550 sheet steel, two thicknesses for G2 and G450 sheet steel were used in this study. For each 
configuration, the specimens were tested under loading in the rolling direction (R) and 
perpendicular to the rolling direction (T) of the CFS sheet. Three commonly used bolt 
diameters 10, 12 and 16 mm were used. Because of the non-identical stiffness responses 
(Ahmed & Teh 2019), both thread and shank bolts were used for testing.  
A constant stroke rate of 2 mm per minute is used for both monotonic loading and single-
unloading-cycle tests. Loading, unloading and reloading all were performed using the same 
stroke rate by manually changing the direction of the load. There are no specific requirements 
or guidelines about load or displacement to execute the unloading process. Hence, as previously 
described, 25% and 65% of the ultimate capacity of the specimens tested under monotonic 





or 65% of the ultimate capacity and then unloaded to near zero load before re-loading to the 
failure of the specimen or till the load dropped over 10% of the ultimate load. Load 
displacement data were recorded at 2 Hz frequency. The load and displacement measurements 
were directly taken from the 500 kN Instron Machine. The accuracy of the Instron machine in 
measuring the displacement of the connection was verified by several laboratory test programs 
conducted using the same equipment. The significantly overdesigned outer plates ensured that 
the displacement of the connection closely represent the bolt hole deformation in the inner 
sheet. 
5.4   Results and discussions 
Tables 5.4- 5.6 list the ratios of peak loads of single-unloading-cycle to monotonic loading as 
well as the professional factors for G2 specimens having threaded and shank bolts in the 
connection. The corresponding data for G450 & G550 specimens are given in Tables 5.7 to 5.9. 
It should be noted that, shank bolt specimens were only tested under single-unloading-cycle at 
25% partial load.  











P25/Ptest P25/PAISI P25/Peq.2 U25/Utest 
2T2A15 1.5 12 15.1 4.8 0.93 0.47 0.90 1.26 
2R2A15 - - 16.9 9.1 0.94 0.57 1.09 0.65 
2R6A15* - 16 23.8 11.0 0.81 0.50 1.14 0.42 
2T2A24 2.4 12 37.2 11.0 0.87 0.72 1.09 0.97 
2R2A24 - - 36.2 13.3 0.98 0.81 1.22 0.91 
2R6A24 - - 48.2 13.2 0.90 0.74 1.29 0.91 
Mean 0.90 0.64 1.12 0.85 
  COV 0.066 0.222 0.119 0.338 
*Only one specimen was tested for each configuration 
The ultimate capacity under monotonic loading, which is the peak load in the load-
displacement curve, is denoted by Ptest, and Utest is the corresponding displacement. The peak 
loads of the specimen tested under single-unloading-cycle at 25% and 65% partial load level 
are referred as P25 and P65, respectively. Corresponding displacements from the load-
displacement curves are represented by U25 and U65. It should be noted that, all the 
displacement values (Utest, U25 and U65) are measured from the beginning of each test.   The 
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ratios of peak loads for a single-unloading-cycle test to the predicted capacity using design 
equations are called professional factors. The predicted capacity using Eq. 5.1 and Eq. 5.2 are 
presented by PAISI and Peq.2, respectively.  











P65/Ptest P65/PAISI P65/Peq.2 U65/Utest 
2T2A15* 1.5 12 15.1 4.8 0.86 0.44 0.84 1.21 
2R2A15* - - 16.9 9.1 0.99 0.60 1.16 0.69 
2T2A24 2.4 12 37.2 11.0 0.85 0.71 1.07 0.85 
2R2A24 - - 36.2 13.3 0.99 0.82 1.23 0.93 
2T6A24 - 16 41.1 12.1 1.07 0.74 1.29 0.99 
2R6A24 - - 48.2 13.2 1.01 0.83 1.45 1.09 
Mean 0.96 0.69 1.17 0.96 
COV 0.090 0.216 0.176 0.188 
*Only one specimen was tested for each configuration 











P25/Ptest P25/PAISI P25/Peq.2 U25/Utest 
2T2S15 1.5 12 16.4 3.7 0.91 0.50 0.95 1.65 
2R2S15 - - 15.8 7.7 0.79 0.45 0.86 0.60 
2R6S15* - 16 17.2 8.5 0.84 0.38 0.86 0.38 
2T2S24* 2.4 12 33.1 8.0 1.01 0.75 1.13 0.81 
2R2S24* - - 38.4 10.5 0.96 0.84 1.26 0.83 
2T6S24* - 16 39.9 12.6 0.97 0.65 1.13 0.54 
2R6S24* - - 41.3 10.8 0.95 0.67 1.16 1.01 
Mean 0.92 0.60 1.05 0.83 
COV 0.083 0.277 0.150 0.501 
*Only one specimen was tested for each configuration 
The letters “R” and “T” in the “Config.” (Configuration) labels represent the specimen loaded 
in the rolling direction and perpendicular to the rolling direction, respectively. To calculate the 
bearing capacity using Eq. 5.1 and 5.2, the measured values of the geometric variables (i.e. 
tbase) were used; however, only the nominal values are shown in the Tables 5.4-5.9 for legibility. 
Corresponding measured values can be found in Tables 5.1-5.3. An empty cell in the tables 
represents the same entry as in the above cell.  
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Table 5.7: Test results for G450 & G550 Threaded bolted specimens; single-unloading-cycle 










P25/Ptest P25/PAISI P25/Peq.2 U25/Utest 
5T1A95 0.95 10 9.4 5.1 0.98 0.38 0.82 0.57 
5R1A95 - - 9.8 3.8 1.02 0.44 0.95 0.87 
4T2A15 1.5 12 19.7 5.5 0.99 0.44 0.83 0.84 
4R2A15 - - 21.8 6.3 0.97 0.50 0.95 0.93 
4T6A15 - 16 26.5 8.3 0.91 0.42 0.89 1.33 
4R6A15 - - 29.5 9.7 0.89 0.48 1.03 1.07 
4T2A30 3 12 61.0 9.4 1.07 0.76 1.01 1.21 
4R2A30 - - 69.9 16.5 0.86 0.77 1.03 0.62 
4T6A30 - 16 82.3 14.6 1.00 0.71 1.10 0.90 
4R6A30 - - 79.2 13.6 0.96 0.73 1.13 0.99 
Mean 0.96 0.56 0.97 0.93 
COV 0.065 0.280 0.110 0.252 
Table 5.8: Test results for G450 & G550 Threaded bolted specimens; single-unloading-cycle 










P65/Ptest P65/PAISI P65/Peq.2 U65/Utest 
5T1A95 0.95 10 9.4 5.1 0.99 0.39 0.83 0.68 
5R1A95 - - 9.8 3.8 1.03 0.45 0.96 1.11 
4T2A15 1.5 12 19.7 5.5 0.93 0.41 0.78 0.77 
4R2A15 - - 21.8 6.3 1.03 0.54 1.02 1.09 
4T6A15 - 16 26.5 8.3 0.98 0.45 0.95 0.88 
4R6A15 - - 29.5 9.7 0.93 0.51 1.08 0.82 
4T2A30 3 12 61.0 9.4 0.98 0.70 0.93 1.13 
4R2A30 - - 69.9 16.5 0.89 0.79 1.06 0.74 
4T6A30 - 16 82.3 14.6 0.98 0.70 1.09 0.99 
4R6A30 - - 79.2 13.6 1.02 0.77 1.19 0.88 
Mean 0.98 0.57 0.99 0.91 
COV 0.048 0.272 0.127 0.181 
The specimen configuration label starts with “2” is composed with G2 steel, “4” with 450 steel 
and “5” with G550 steel. For each configuration, two specimens were tested, and average 




Table 5.9: Test results for G450 & G550 Shank bolted specimens; single-unloading-cycle at 










P25/Ptest P25/PAISI P25/Peq.2 U25/Utest 
5T1S95* 0.95 10 9.3 1.5 0.88 0.34 0.73 0.97 
4R2S15* - - 20.7 5.2 0.95 0.47 0.89 0.49 
4T6S15* - 16 22.4 4.7 0.84 0.32 0.69 0.40 
4R6S15* - - 25.2 2.8 0.88 0.41 0.87 0.79 
4T2S30* 3 12 59.0 8.7 0.93 0.64 0.85 1.13 
4T6S30* - 16 73.6 11.0 0.93 0.60 0.92 1.03 
4R6S30 - - 70.0 11.2 0.99 0.67 1.03 1.06 
Mean 0.92 0.49 0.86 0.84 
COV 0.056 0.287 0.135 0.347 
*Only one specimen was tested for each configuration 
5.4.1   Effect of unloading cycle 
The comparison among the specimens tested under monotonic and single-unloading-cycle 
presented in Tables 5.4–5.9 reveals that even a single-unloading-cycle can influence the 
bearing capacity of unconfined bolted connection in the CFS sheets. For all the tested 
configurations presented in Tables 5.4 to 5.9, the mean values of the capacity ratios P25/Ptest 
and P65/Ptest are lower than the value of unity and it varies within a range of 0.90 to 0.98. It can 
be seen from the test results that the bearing capacity seems to be affected more when the 
specimen undergoes a single-unloading-cycle at an earlier stage in the load-displacement curve 
(25% partial load level).  
The worst mean capacity ratio P25/Ptest of 0.90 was found for G2 thread bolt specimens (Table 
5.4). Table 5.8 for thread bolted specimens with structural grade CFS sheets with a P65/Ptest 
value equal to 0.98 was the least affected case. To observe the bolt hole deformation at different 
stages of loading, a few specimens were fully unloaded at the selected partial load and taken 
out of the test set-up. After photographing the bolt hole deformation, these specimens were 
placed back into the test set-up, and reloaded until failure. Figure 5.2 shows the bolt hole 
deformations associated with various stages of loading for such a specimen. In general, the 
least affected specimens are the specimens under single-unloading-cycle at 65%. As Figure 
5.2(b) shows, even a single-unloading-cycle at 25% partial load level may introduce some bolt 
hole deformations which may exacerbate the crimpling behavior. Under 65% partial load level 
the specimen already undergoes significant bulging or crimpling, thus, the effect of a single-
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unloading-cycle at this load level on the ultimate capacity is less critical than a single-
unloading-cycle at 25% partial load level. The same reasoning also applies to specimens made 
from more ductile material (G2) which undergoes significant bulging or crimpling at a lower 
load level.  
Figure 5.2  Bolt hole deformation at various stages of loading for specimens prepared from 3 
mm thick G450 steel with 12 mm bolt: (a) failed specimen under monotonic loading; (b)  
unloaded specimen at 25% partial loading; (c) failed specimen after single-unloading-cycle at 
25% partial loading; (d) unloaded specimen at 65% partial loading, and (e) failed specimen 
after single-unloading-cycle at 65% partial loading 
The average capacity ratios for all the specimens tested under single-unloading-cycle is 0.94 
with a coefficient of variation equal to 0.070. Overall, it is clear that the bearing capacity is 
affected by the disruption to the continuity of loading. However, this may not be too critical 
for the unconfined bolted connection as the unconfined condition effect already reduces their 
capacity significantly. In any case, to account for this effect, a factor of 0.90 is recommended 
to be used to design the bolted connection in conjunction with Eq. 5.2 where the unconfined 
double shear connections may experience unloading and reloading cycles during its service life. 
Figure 5.2 shows the failed specimens having identical geometries (3.0 mm thick G450 sheet 
connected with 12 mm dia. bolt and loaded in rolling directions) under different loading 
conditions. Similar failure pattern was found between the specimens tested under single-
unloading-cycle at 25% and 65% partial load level. However, notable bolt hole deformation 
can be observed at 65% partial loading and bolt hole deformation exists even for 25% partial 
loading which is expected to be in the elastic regime. Figure 5.3 shows the load-displacement 
curves for 1.5 mm thick G2 sheet connected with 12 mm dia. bolt under different loading 
conditions including the finger tightened condition. Significant reduction in capacity of the 
untightened specimen is immediately obvious. Also, the ultimate capacity slightly decreases 
(a) (b) (e) (c) (d) 
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when the specimens underwent single-unloading-cycle loading. The capacity reduction is more 
prominent for the specimen tested under single-unloading-cycle at 65% partial load level. 
However, Tables 5.4–5.9 highlight that other tested specimens demonstrate large variations 
from the above-mentioned trend. 
Figure 5.3  Load-displacement curves for specimens prepared from 1.5 mm thick G2 steel 
with 12 mm bolt: confined connection under monotonic loading; unconfined connection 
under monotonic loading; single-unloading-cycle at 25% partial loading, and single-
unloading-cycle at 65% partial loading 
For displacements corresponding to the peak loads, the average of ratios U25/Utest and U65/Utest 
are within the range of 0.83 to 0.96. This indicates that even a single-unloading-cycle can 
reduce the ultimate deformation capacity of these specimens. However, this finding is opposite 
to the observations by Cai and Young (2019). The shank bolt specimen composed of G2 steel 
sheet suffers the most, whereas, threaded bolt specimens composed of structural grade steel 
sheet are the least affected ones. However, it can be seen from Tables 5.4–5.9 that, COV values 
of the tested specimens (between 0.181 to 0.501) are higher than the COV value for similar 
carbon steel double shear specimens (0.122) tested by Cai and Young (2019).  
5.4.2   Effect of unconfined condition 
The professional factors corresponding to AISI design equation (Eq. 5.1) and Eq. 5.2 proposed 
by Bhuiyan et al. (2021) are shown in Tables 5.4–5.9. For all the configurations, professional 
factors corresponding to the AISI design equation are substantially lower than the value of 
unity which indicate lower bearing capacity of unconfined double shear bolted connection in 


























average professional factor for all the tested specimens is 0.59 with a coefficient of variation 
equal to 0.266. However, the average professional factor calculated using Eq. 5.2 is 1.02 with 
a coefficient of variation of 0.161 indicates that Eq. (5.2) is more accurate in predicting the 
bearing capacity of unconfined double shear bolted connections. The capacity ratios of the 
tested specimens with respect to the capacity under monotonic load (Ptest) and predicted 
capacity using Eq. 5.2 (Peq.2) are shown in Figure 5.4. 
Figure 5.4  Ultimate capacity comparison; (a) 25% partial loading vs monotonic; (b) 65% 
partial loading vs monotonic; (c) 25% partial loading vs Eq.(5.2) prediction, and (d) 65% 
partial loading vs Eq.(5.2) prediction 
 Figures 5.4(a) and 5.4(b) suggest that the ultimate capacity of the specimens tested under 
single-unloading-cycle is mostly lower that the specimens tested under monotonic loading. On 
the other hand, Figures 5.4(c) and 5.4(d) show that Eq. 5.2 is reasonably accurate for G450 and 





















































5.4.3   Effect of sheet thickness & bolt diameter 
It is evident from laboratory test results shown in Tables 5.4–5.9 that sheet thickness and bolt 
diameter have some effect on the specimen performance subjected to single-unloading-cycle. 
However, the effect of single-unloading-cycle does not follow any pattern with respect to sheet 
thickness and bolt diameter. The average capacity ratios with respect to the monotonic loading 
for steel thickness 1.5 mm, 2.4 mm and 3.0 mm is 0.93, 0.91 and 0.96, respectively. The same 
average capacity ratios for bolt diameter 12 mm and 16 mm are 0.95 and 0.96, respectively. To 
investigate the effect of sheet thickness and bolt diameter, an approach explained by Teh & Uz 
(2017) to derive the tilt bearing strength equation of a bolted connection is adopted. The 
variations in the bearing capacity are computed over the nominal thicknesses ranging from 1.5 
mm to 3.0 mm, and over the nominal nail diameters of 12 mm and 16 mm. Teh & Uz (2017) 
















where the subscript “ref” denotes the reference specimen (or configuration), which is constant 
for a particular set. The ultimate test load of the reference specimen is denoted by the variable 
Pref . 
Figure 5.5 Relationships between bearing capacity and (a) sheet thickness; (b) bolt diameter 
The average normalized capacity ratios corresponding to Eq. (5.3) and Eq. (5.4) for the 

























monotonic loading condition of identical specimens are denoted as “Full loading” in the figures.  
The average normalized capacity ratio (rth) increases with the sheet thicknesses shown in 
Figure 5.5(a) represent a nonlinear relation where capacity increases more rapidly than the 
sheet thickness.  On the other hand, normalized capacity ratio (rd) decreases very slightly which 
also indicate a nonlinear relation with exponent lower than one. This behaviour agrees with the 
findings of Bhuiyan et al. (2021) where proposed design equation (Eq. 5.2) included exponents 
greater than one for sheet thickness and less than one for bolt diameter. 
In addition, the adverse effect of critical sheet unconfined condition is more pronounced for 
thinner specimens, as evident from the professional factors with respect to AISI design 
equation given in Tables 5.4–5.9.  Everything else remaining unchanged, this effect decreases 
with increasing sheet thickness. Furthermore, professional factors with respect to AISI design 
equation decrease with increasing bolt diameter. These findings are consistent with those of 
Bhuiyan et al. (2021) for double-shear bolted connection under monotonic loading. 
5.4.4   Effect of material ductility & loading direction 
It can be seen from Tables 5.4–5.9 that the capacity ratios P25/Ptest and P65/Ptest do not follow 
any trends with respect to material ductility. In case of loading direction, specimen loaded 
perpendicular to the rolling direction (T) have marginally higher average capacity ratio of 0.97 
than 0.94 for the specimens loaded to the rolling (R) direction. 
Irrespective of the accuracy of Eq. 5.1 for unconfined bolted connections, the effects of material 
ductility and rolling direction found in the current study are consistent with those of Teh & Uz 
(2014) and Bhuiyan et al. (2021). The test results shown in Tables 5.4–5.9 indicate that, for the 
identical specimens, the values of the professional factors of the more ductile G2 sheet steel 
specimens are generally higher than those of the G450 and G550 sheet steel specimens. A 
similar pattern is also observed for the professional factors with respect to Eq. 5.2, as evident 
in Figures 5.4(c) and 5.4(d). Moreover, most of the test specimens loaded parallel to the rolling 
direction had comparatively higher professional factor than the similar ones loaded in the 
perpendicular direction of rolling, in spite of the fact that material in rolling direction shows 
relatively lower tensile strength. These confirm that the effect of unconfined condition (lack of 
out-of-plane restraint) of the critical sheet in a double shear bolted connection is similar to 
those specimens tested by Bhuiyan et al. (2021).   
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5.4.5    Effect of bolt threads 
Identical specimens with shank bolt and thread bolt were tested and results are shown in Tables 
5.6 to 5.9. It can be seen from the test results that the mean capacity ratio P25/Ptest is marginally 
higher for the G2 shank specimens, whereas they are opposite for G450 and G550 steel 
specimens. Bhuiyan et al. (2021) and Ahmed & Teh (2019) found that the shank bolted 
specimens had slightly lower bearing capacities compared to the thread bolted ones. When 
comparing the professional factors to the AISI design equations, test results show good 
agreement with the findings of Bhuiyan et al. (2021) and Ahmed & Teh (2019). 
5.5   Potential opportunities for reuse of the data 
5.5.1   Design under serviceability limit state 
Another application could be the ultimate capacity under serviceability limit state. Figure 5.3 
plots a line at 6.4 mm deformation following the recommendation in Section J3.3.2 of the 
commentary to AISI S100-16 (AISI 2016b). This figure highlights that the ad-hoc deformation 
limit of 6.4 mm to obtain the serviceability limit is not applicable for unconfined connections 
as they already undergo significant plastic deformation at this deformation level. The available 
load-displacement data can be used to develop a new criteria to estimate their capacity under 
serviceability limit state. 
5.5.2   Development of loading protocol to account for infrequent 
unloading-reloading cycles 
This study has demonstrated that even a single unloading cycle can result in some reduction in 
the ultimate capacity. With larger number of loading and reloading cycles over the service life, 
the imperfections may accumulate and result in even lower ultimate strength. Thus, it is vital 
to consider such a loading case in the design by identifying possible number of cycles to derive 
a realistic estimate of the capacity of the connections in the laboratory setting. The database 
developed in this study can be used as a control data set in developing a loading protocol which 




5.5.3   Stiffness formulation 
Figure 5.3 indicates that the stiffness of the unloading and reloading phase is significantly 
higher than the initial stiffness of the connection. This is because even at a load level as low as 
25% of the ultimate capacity, some plastic deformation already takes place in the contact area 
between the bolt and the bolt hole which increases the unloading and reloading stiffness of the 
connection due to increased contact area. Also, there is minimal change in stiffnesses between 
unloading and reloading phase. The database can be used to derive both initial stiffness and 
unloading-reloading stiffness formulation similar to the formulation proposed by Ahmed and 
Teh (2019). 
5.5.4   Development of backbone curve from the load displacement data 
The load-displacement data can be used to develop backbone curves by employing deep 
learning (Lee et al. 2018) techniques and the developed backbone curves may be used to 
represent these connections as nonlinear springs in full scale models. 
5.6   Data availability 
The laboratory test data used in the present study are publicly available at the following link. 
https://doi.org/10.5281/zenodo.3937904 
Specimen naming convention 
All the specimens are named in a specific format as explained in Table 5.10 which contains 
several information for easier identification.  
Table 5.10: Specimen naming convention 
ID Description 
 
Material grade: 2 - G2 steel sheet; 4 - G450 steel sheet; 5 - G550 steel 
sheet 
 
Loading direction: T - perpendicular to the rolling direction; R - rolling 
direction 
 Bolt diameter: 1 - 10 mm; 2 -12 mm; 6 - 16 mm 
 
Specimen details: A,B,C or D – copies of the identical specimen tested 
with threaded bolt under different load case; S - specimen with shank bolt 
 Steel thickness: 95 - 0.95 mm; 15 - 1.5 mm; 24 - 2.4 mm; 30 - 3.0 mm 
 
Loading condition: L25 - unconfined connection and  loading was 
stopped at 25% of the ultimate failure load; L65 - unconfined connection 
and  loading was stopped at 65% of the ultimate failure load 
 Specimen number: 1 - specimen 1; 2- specimen 2 
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For example, 2T6A15-L25-1 is an unconfined double shear bolted connection specimen having 
1.5 mm thick G2 steel sheet tested with 16 mm diameter bolt and test loading was stopped at 
25% of the ultimate failure load and reloaded until the specimen failed in bearing. Some 
specimens may have two worksheets, where the first contains data up to initial loading, which 
is until 25% or 65% partial load levels, and the second contains data starting from reloading 
until the bearing failure of the connection. Thus, the unloading data are not available for these 
specimens. Each worksheet contains a few more information such as test start and finish times, 
dates, and loading rates together with the total load-displacement data.  
5.7   Conclusion 
This chapter summarizes an experimental investigation on unconfined double-shear bolted 
connections subjected to single-unloading-cycle. A total of 78 unconfined double-shear bolted 
connections composed of G2, G450 and G550 sheet steel have been tested under single-
unloading-cycle at a partial load level and compared against identical tested specimens 
subjected to monotonic loading.  In all the tested specimens inside sheet failed in bearing. The 
varied parameters were sheet thickness, bolt diameter, material ductility and loading direction 
with respect to the sheet rolling direction. In addition, threaded and shank bolts were included 
in this investigation. 
The experimental test results indicate that for almost all the cases connections tested under 
single-unloading-cycle at a partial load level show marginally lower bearing capacity when 
compared to the one tested under monotonic loading. This effect is more severe for specimens 
which underwent single-unloading-cycle at 25% of its ultimate bearing capacity. In addition, 
displacement to the ultimate loads obtained from the single-unloading-cycle tests were, on 
average also slightly lower than those obtained from the monotonic tests results. For 
connections expected to experience a large number of loading-unloading and reloading cycles 
during their service life, a reduction factor of 0.90 is recommended in addition to the existing 
resistance factor. More studies are required on this issue. Additionally, this data paper makes 
the underlying load-displacement data for all the specimens publicly available to facilitate 
efficient data reuse by the engineering community without the need of contacting the authors. 





Chapter 6: General Conclusions 
The use of CFS for mid-rise construction in Australia is very limited due to the lack of 
experience and design guidelines for essential components. This thesis has presented 
experimental and numerical investigations on cold-formed steel structural elements that can 
benefit the construction industry. 
Significantly ductile behavior was observed for shear panels fabricated with G300 strap braces, 
however slotted straps are required when the high strength G450 is used.  In any case, it is 
demonstrated that high-capacity shear panels composed of light gauge cold-formed steel 
components are feasible for cold-formed steel mid-rise construction, with a design lateral 
capacity as high as 25 kN/m.   
This thesis proposes a design equation for the pull-out strength of a shear nailed connection 
between steel sheets thinner than 2.9 mm when helically knurled nails are used. The connection 
strength depends on the thickness of the connected members, nail diameter and material 
strength, however, exhibits distinct relationship as the current specification equation for 
members thicker than 2.9 mm. A resistance factor of 0.55 for this equation and a group effect 
factor of 0.75 for a serial nail connection is recommended.  
This thesis also proposes a design equation for the bearing capacity of unconfined double-shear 
bolted connections based on the experimental investigation with specimens composed of G2, 
G450 and G550 sheet steels. The bearing capacity of such connections are significantly lower 
than the estimates provided by the current specifications, which is also verified with numerical 
analysis. It was found that the capacity varies nonlinearly with respect to sheet thickness and 
bolt diameter. The tested bolt diameter-to-sheet thickness ratios is ranging from 3.3 to 21.8, 
and the recommended resistance factor for this equation is 0.70. The applicability of this 
equation for bolted connection through square hollow section is also verified.  
Another 78 unconfined double-shear bolted connections composed of G2, G450 and G550 
sheet steel have been tested under loading-unloading-reloading cycle and compared against 
identical tested specimens subjected to monotonic loading. The test results indicate that for 
almost all the cases connections tested under single-unloading-cycle at a partial load level show 
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marginally lower bearing capacity when compared to the one tested under monotonic loading. 
Hence, a reduction factor of 0.90 is recommended for connections expected to experience 
disruption in continuous loading cycles during their service life. Finally, this thesis makes the 
underlying load-displacement data for all the 78 tested specimens publicly available for reuse 




Recommendations for Further Work 
The research work that has been conducted for this thesis has highlighted a number of 
interesting topics on which further research would be beneficial. 
More details parametric study is required in several areas to establish the design methodologies 
of strap braced shear panel for Australian condition. In particular, there is a lack of investigation 
on the different sizes of shear panels. Future studies on shear panels having different length 
and height will significantly enrich the test database for further improvement of design 
methodologies.  
The study on shear panels presented in this thesis did not consider the gravity load. Further 
experimental and numerical investigation are recommend considering different levels of 
gravity load. In addition, cyclic loading protocol can be used to investigate the performance of 
these panels under the seismic condition. The connection between the shear panels when they 
are attached vertically or horizontally is also an area that required further investigation.  
Further work can also be recommended to establish design specifications for bearing and 
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